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ABSTRACT

Pipe rack modules are non-building structures used mostly in refineries, chemical plants, and oil
sands facilities. They often consist of steel braced frames in the direction of pipes and steel
moment-resisting frames in the perpendicular direction. Moment frames are designed to resist a
variety of loads, which often makes their connections complex and expensive. Doubler plates are
often required the in beam-to-column connection panel zone. A groove weld is typically used to
weld the doubler plate to the column web. Groove welds are known to be more complex,

expensive, and take more time than fillet welds.

This report proposes a new doubler plate detail involving a reduced-size plate welded to the
column web, for beam-to-column moment connections in pipe rack modules, and presents a new
design method to size such doubler plates under shear induced in the column panel zone. To
investigate the effect of reducing the doubler plate and using fillet welds in pipe rack module
connections, a full-scale experimental test setup was developed. The experimental study consisted
of twelve moment connections, where each six specimens represented a different beam-to-column
W-section. Six used W250x58 beams and columns and the rest used W410x60 columns and
W410x100 beams. The proposed detail consisted of a reduced doubler plate fillet-welded to the
column web in the panel zone area of the connection instead of a doubler plate that is groove
welded. The tests showed that a reduced-size doubler plate with a fillet weld could be used in pipe
rack module connections, but with certain thresholds in place. A new design method was
developed to size doubler plate dimensions taking into account potential limit states and limiting
shear deformation in the panel zone beyond yielding. The proposed method was validated based

on the experimental results and demonstrated using two beam-to-column moment connection



examples. Furthermore, the corroborated finite element models of the connections were used to

further validate the proposed method for special loading cases.
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F. = Column yield stress

Fypp = Doubler plate yield stress
Fyn = Flange yield stress
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1 INTRODUCTION
1.1 Background

Pipe-supporting structures, commonly referred to as pipe racks, are heavy steel structures used
extensively in refineries, chemical plants, oil sands, and recently in carbon capture utilization and
storage facilities in Canada. Due to similar loading conditions along the network, they are often
broken into repetitive volumetric modules that can be prefabricated off-site and shipped to the
construction site for assembly. Modularization can reduce the fabrication and construction costs
even though the tonnage typically increases by about 30% (Bedair 2015). Figure 1.1a shows an
example of a pipe rack module being fabricated at a fabrication shop. The beams and columns of
the modules are often made of wide-flange shapes, e.g., W250, W310, and W360. and their braces
typically consist of double angles as shown in Figure 1.1a. The beams and columns carry the
anticipated vertical and horizontal loads using a combination of steel concentrically braced frames
and moment-resisting frames. The connections between beams and columns are often designed as
moment-resisting connections in the transverse (short) direction of the pipe rack and as simple
connections in the longitudinal direction where the beams are framing into the column web, as
shown in Figure 1.1b. As opposed to building applications, beam-to-column moment connections
in pipe rack modules often involve multiple stiffeners designed to resist complex combinations of
torsion, axial forces and both strong- and weak-axis moments, in addition to serving as the
connection points for attachments. This complexity tends to lead to expensive connection details
and labor-intensive tasks that can significantly impact fabrication costs and scheduling. The web
of the column in the plane of the moment-resisting frame bounded by beam and column flanges is
called the panel zone, which is primarily subjected to in-plane shear due to flexural moments
applied by the beams and being transferred into the columns through the panel zone. Web doubler
plates are often required in the panel zone area to increase the shear capacity of the column web,
which is often not sufficient in typical rolled shapes (e.g., W250 and W310) to carry relatively
high shear being produced by force couples in the connection. Complete- or partial-joint
penetration (CJP or PJP) groove welds are typically used to attach web doubler plates to the column
radius in the connection region (see Fig. 1.1c) (Morgan 2021). However, the fabrication of such
connections with doubler plates connected using PJP groove welds pose several challenges due to
the presence of several stiffeners and other fixtures in the connection area. Additionally, PJP welds
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require surface preparation, advanced manufacturing technology and inspection, which all require
skilled workers, leading to increased fabrication time and costs of already-costly connections. As
such, reduced doubler plates connected to the column web using fillet welds (see Figure 1.1d)
would present a desirable alternative to PJP or CJP welds for fabrication of steel moment
connections in pipe rack structures. However, the structural performance and load-carrying
capacity of the alternative (reduced doubler plate) detail has not been verified yet and no design

method is currently available to select such doubler plates and their welds.
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Figure 1.1: (a) Pipe rack module in the fabrication shop; (b) Perspective view of a typical pipe
rack module; (c) Beam-to-column connection detail with standard doubler plate connected using
PJP groove welds; (d) Beam-to-column connection detail with reduced doubler plate connected

using fillet welds



1.2 Statement of Research Problem

Despite the extensive use of heavy pipe-supporting structures in Canada, particularly in natural
resource development regions, limited information and guidelines are available in practice for
design and detailing of their connections (Drake and Walter 2010). In lieu of a unified design
procedure, steel fabricators typically develop their own design manuals and spreadsheets, which
may lead to prohibitively expensive and complex details with uneconomical fabrication processes
(Bedair 2015). The fabrication of steel pipe racks involves labor-intensive tasks, such as cutting,
drilling, fitting, welding, crane operations, and assembly. Additionally, complex connections are
expected in such structures to resist permanent loads such as gravity, transient loads such as
hydraulic and wind loads, plus other potential loading scenarios that could arise during the life of
the structure. Other loads that factor into the design of pipe racks’ connections include thermal
loads resulting from contraction or expansion due to the changes in ambient temperature during
operation, anchor loads that arise from the restraints to displacements or rotations imposed during
operating conditions, friction loads, which can result from sliding pipes, erection loads, and impact
loads (Bedair 2015). As such, stiffeners and complex welding details are used in the connection of
modules, leading to substantial added costs to the fabrication of pipe racks. CJP or PJP groove
welds are typically used to attach web doubler plates to the column radius in the connection region
since the structural performance and load-carrying capacity of an alternative detail has not been
verified yet and no design method is currently available to select a reduced doubler plate with a
fillet weld. This research will address the following problems:

P1) inefficient and costly PJP weld detail for doubler plates in pipe racks, and

P2) absence of a design method for an alternative reduced doubler plate.

1.3 Objectives

The general objective of this M.Sc. research project is to develop an efficient, economical, and
structurally safe steel beam-to-column connection for pipe-supporting modules with the focus on
an alternative doubler plate design. This alternative detail is designed to avoid the use of groove
welds in the column panel zone area to facilitate the fabrication process and reduce fabrication

costs. The specific objectives of this study are as follows:

0O1) develop and verify using laboratory testing a new doubler plate detail for pipe rack

beam-to-column connections,



02) propose and validate design guidelines and fabrication recommendations for the
improved doubler plate detail, and
Q3) produce full-scale experimental test data on beam-to-column moment connections

under monotonic loading.

1.4 Research Methodology

To accomplish the goals of this project, the following steps are performed:

M1) literature review on steel moment connections and pipe rack structures and current
industry practice for the design of steel module connections,

M2) test program development,

M3) full-scale laboratory testing of beam-to-column connections,

M4) development of design method in the framework of Canadian steel design standard,
and

M5) demonstration of the proposed method via design examples

M6) validation of the proposed method for special cases using finite element analyses

1.5 Organization of Report

This report consists of seven chapters. Chapter 1 presents the scope of the project, problem
statement and objectives. Chapter 2 provides a summary of past research conducted on steel
moment connections, pipe rack modules and doubler plate details. The design of pipe rack moment
connections consistent with the current practice is outlined in Chapter 3, through a design example.
In Chapter 4, the design of experimental specimens and test setup, plus ancillary tests, loading
scheme and instrumentation are presented. Chapter 5 includes test results with discussions
regarding the performance of connections with the proposed detail and how they compare to
conventional connections. In Chapter 6, a design method is proposed to size beam-to-column
connections with proposed (reduced) doubler plate detail. Chapter 7 presents the details of finite
element model and the parametric study performed to further validate the proposed design method.

A summary and key findings of the project are described in Chapter 8.



2 LITERATURE REVIEW
This chapter presents an overview of the design of steel pipe rack module connections and
summarizes past studies performed on doubler plate details and behaviour of column panel zones

of steel beam-to-column moment connections.

2.1 Design of Modular Pipe Rack Systems

Pipe racks are non-building structures that have similarities to structural steel buildings with
additional loads and design considerations. Figure 2.1 shows a typical pipe rack consisting of eight
transverse frames connected by longitudinal struts. Design specifications outlined in the building
codes lack clarity regarding their application to pipe racks. Various industry resources are available
to assist designers in interpreting the code’s intent while following standard engineering practices
(Drake and Walter 2010).

Figure 2.1: Typical four-level pipe rack with eight transverse frames connected by longitudinal
struts (Drake and Walter 2010)

Due to the complexity in the design of pipe racks, Bedair (2015) found that modularizing these
structures minimizes cost and construction errors. Modularization is particularly economical for
pipe rack structures located in remote sites with harsh weather conditions. Modularized pipe racks
are fabricated off-site and transported to construction sites using public roads, which imposes

constraints on the size and weight of each module. If a module does not meet the transportation



standards, it can be further divided into submodules that are assembled on site. When designing
pipe racks, the following loads must be considered: dead loads, live loads, thermal loads, anchor
loads arising from restraints to displacements or rotations during operating conditions, friction
loads resulting from sliding pipes, wind loads, snow loads, erection loads, and impact loads that
mimic transportation loads and are applied at the centre of gravity of the assembled modules
(Bedair 2015). Figure 2.2 shows the load combinations considered to determine the most critical
case for operating, testing, transportation, and erection conditions, which is from the Process
Industry Practices (PIP 2004).

Principal loads Companion loads
1.4DL -

1.25(DLp + DLo+ TL + AL + FL) + 1.5LL3 0.5SL
1.25(DLp + DLo + TL + AL + FL) + 1.5SL 0.5LLs
1.25(DLp + DLo + TL + AL + FL) + 1.5LLs3 +0.4(WL) ew
1.25(DLp + DLo + TL + AL + FL) + 1.5SL +0.4(WL) ew
1.25(DLp + DLo + TL + AL + FL) + 1.5LLs3 +0.4(WL) sn
1.25(DLp + DLo+ TL+ AL + FL) + 1.5LL +0.4(WL) sn
1.25(DLp + DLo + TL + AL + FL) + 1.4(WL) ew 0.5LLs
1.25(DLp + DLo + TL + AL + FL) + 1.4(WL)ew 0.5SL
1.25(DLp + DLo + TL + AL + FL) + 1.4(WL)sn 0.5LLs
1.25(DLp + DLo + TL + AL + FL) + 1.4(WL) sn 0.5SL

Note: EW = east-west wind direction; SN = south—north wind direction.

Figure 2.2: Ultimate Limit State load combinations for operating conditions (Bedair 2015)

Bedair (2015) also outlines design considerations to help practicing engineers achieve an efficient

and effective design of pipe racks. The considerations are as follows:

e Placing steel shoes on the pipe rack beams to allow pipes to expand and contract freely
without creating additional stresses in addition to imposing displacement limitations on
structural members affected by pipe movements.

e Checking for lateral displacement, in the direction parallel to the axis of the pipes, for

beams supporting pipe anchors or guides to check if horizontal bracing is required to
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achieve the strength and stiffness needed to resist resulting restraining forces. Pipe anchors
and guides are usually used to restrict pipe movements at certain locations.

Providing vertical bracings should to limit the horizontal displacement as shown in Figure
2.3. Intermediate horizontal supports, shown in dashed lines, can also be used to reduce
the effective length of the inclined bracings. Additionally, horizontal bracings are required
to limit horizontal displacements of the restraining box that is shown in Section B-B in
Figure 2.3.

Applying horizontal piping loads through the shear centre of the beams supporting the
pipes to avoid inducing torsional loading.

Avoiding steel supports that restrain pipe rotations at the top elevation of the pipe rack due
to the high costs associated with providing structural members that would satisfy the
torsional strength and stiffness needs at these locations.

Figure 2.3: Bracing of vertical pipes (Bedair 2015)



2.2 Alternative Doubler Plate Details
Limited attention has been given to identifying cost-effective and structurally efficient methods
for doubler plate details in moment connections. In this section, different doubler plate details that

have been studied are discussed.

2.2.1 Shirsat (2011)

Shirsat (2011) performed a set of numerical analyses to investigate twenty-one cases, each
featuring distinct doubler plate configurations. The different details, shown in Figure 2.4, included
welding different edges of the doubler plate to the column: welding the vertical edges only, as seen
in 2.4a; horizontal welds only, as in 2.4b; or all sides, as in 2.4c. Other details included using two
thinner doubler plates on both sides of the column web instead of a single thick doubler plate, as
shown in Figure 2.4d; extending the doubler plate beyond the panel zone region, as shown in

Figure 2.4e; or using a narrower doubler plate, as in 2.4f.

Figure 2.4: Alternative doubler plate details (Shirsat 2011)

The conclusions of the analyses performed under monotonic loading are as follows:

When the doubler plate was groove welded along its vertical edges, the full strength of the doubler
plate was developed. Additionally, welding the horizontal edges added very little advantage to the
detail, other than helping to restrain buckling of thinner plates. Extending the doubler plate beyond
the panel zone region resulted in a small increase in panel zone stiffness and strength, whereas

narrowing the doubler plate resulted in a reduction in panel zone stiffness and strength when
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compared to the full width doubler plate (Figure 2.5) since a significant amount of shear
deformation is contributed by the unreinforced part of the column. Lastly, utilizing two thin
doubler plates, one on each side of the column web, rather than a one-sided thick doubler plate,
resulted in essentially no change in stiffness and strength. According to Shirsat’s (2011) research,
Analysis case 10 represented the no doubler plate case and Analysis case 11 represented the full-
width conventional doubler plate. Analysis case 16 showed the results of the narrower doubler
plate case, which demonstrated a reduction in panel zone stiffness and strength with respect to

Analysis case 11.

Figure 2.5: Effect of narrower doubler plate: Panel zone shear versus panel zone rotation;
Analysis case 10: No doubler plate, Analysis case 11: Full-width conventional doubler plate,
Analysis case 16: Reduced doubler plate (Shirsat 2011)

2.2.2 Ciutina and Dubina (2008)
Ciutina and Dubina (2008) investigated the effect of different doubler plate details by performing

experimental testing. The different cases tested are shown in Figure 2.6. Specimen CP-IP consisted
of a doubler plate narrower than the conventional one and was fillet welded on all four sides.
CP-1IP had two narrow doubler plates on either side of the column web, whereas specimen

CP-11PL had doubler plates on both sides that are extended to the root fillet of the column and
9



welded using full penetration welds to the column flanges. In specimen CP-1IPD, two doubler
plates, offset from the column web on either side, were fillet welded to the column flanges. Lastly,
specimen CP-C used reinforced concrete to stiffen the column web (Ciutina and Dubina 2008).
All the doubler plates used were 10 mm thick. Two loading scenarios were considered for each

test specimen: monotonic loading and cyclic loading.

Test Reinforcing Sketch Width of the Loading type

reference type doubler plates
CP-R-M : - Monotonic
None
CP-R-C Cyclic - ECCS
CP-C-M --- Monotonic
Concrete
CP-C-C Cyclic - ECCS
CP-IP-M R ] 150 mm Monotonic
Doubler | _
CP-IP-C plates RS Cyclic - ECCS
CP-11P-M R | 150 mm Monotonic
Doubler |
CP-1IP-C plates Zj-\-iﬁiii*id = Cyclic - ECCS
CP-IIPL-M R R Monotonic
Doubler - 3 220 mm
CP-1IPL-C plates NN Cyclic - ECCS
CP-1IPD-M R j 260 mm Monotonic
Doubler  Hessewsesse :
CP-1IPD-C plates '\-""“"“"‘"‘“‘*: Cyclic - ECCS

Figure 2.6: Alternative doubler plate details (Ciutina and Dubina 2008)

From the results of the experiments conducted, Ciutina and Dubina (2008) drew a conclusion that

test specimen CP-11PD, which is the specimen with the offset doubler plates, was the most effective
10



detail in terms of panel zone strength followed by CP-11PL, then CP-IIP, then CP-IP, and lastly
CP-C. The results are shown in Figure 2.7, which illustrates moment versus shear distortion for all
the test specimens. Both loading scenarios yielded the same conclusion, being that the CP-11PD
test specimen performed better than the rest of the specimens since it reached the highest moment

before yield.

750
Moment M.,
[kNm]
PN 2 AN W e et N CP-IP-M
CP-IP-M
CP-C-M
CP-R-M

250 |§

Distorsion 1 [rad.]

0 0.05 0.1 0.15 0.2

Figure 2.7: Monotonic loading results (Ciutina and Dubina 2008)

The detail in specimen CP-11PD was not evaluated for the purpose of the current research, since in
pipe rack modules it is very likely that other members are connected to the column web, and having
an offset doubler plate on both sides of the column would not be a practical solution. The detail
with two narrow doubler plates was also not tested since the goal was to reduce the amount of
welding to be performed, especially since the use of two doubler plates yielded the same result as
using one doubler plate of the same combined thickness according to Shirsat’s research (2011).
According to Figure 2.7, specimen CP-IP performed significantly better than the no doubler plate
case, indicating that even the addition of a narrow doubler plate produced a significant amount of

strength and stiffness to the panel zone.
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2.2.3 Leeetal. (2005)

This research involved both experimental and computational work, investigating various details
for attaching doubler plates and continuity plates to the column. The three details shown in
Figure 2.8 were developed to avoid welding in the k-area of the column (Lee et al. 2005). In Details
I and I, fillet welds were used between the doubler plate and the column flanges, whereas in Detail
111, complete joint penetration groove welds were used. Detail | consists of two doubler plates that
are back-beveled at 45 degrees to minimize the interference with the k-region of the column,
allowing the doubler plate to be flush against the column web and welded to the column flanges.
Detail 11 was considered due to the increased k-values for W-sections in recent years, which would
not allow the doubler plate to be placed flush with the column web without making the doubler
plate unrealistically thick or leaving a gap between the column web and the plate. Hence, Detail 11
consists of doublers cut to the width between the column flanges, then fillet-welded to the latter
on either side. The third detail is referred to as the box doubler and is shown in Figure 2.8c. In this
detail, the doubler plates serve as both doubler plates and continuity plates since they were welded

at a distance from the column web, which is economically desirable.

Figure 2.8: Doubler plate details: (a) back-beveled fillet-welded doubler (Detail I); (b) square-cut
fillet-welded doubler (Detail 11); (c) box doubler (Detail 111) (Lee et al. 2005)

It was concluded that these details can perform well under seismic and non-seismic loads, i.e.
withstand the loads applied, but further research is required to prove the viability of these details.
Table 2.1 shows the five different specimens tested. All specimens failed due to low-cycle fatigue

crack growth that led to the rupture of the girder-flange-to-column-flange complete joint
12



penetration (CJP) groove welds. The three details showed no cracks or distortions in the welds
connecting the doubler plates to the column flanges before the failure of the CJP welds. No
cracking was observed in the k-area of the columns. Additionally, the doubler plates in Detail 111
(box doubler) were found to perform effectively as continuity plates, in addition to serving as

column web doubler plates.

Table 2.1: Matrix of test specimens (Lee et al. 2005)

CR1 CR2 CR3 CR4 and CR4R CR5
Girder W610x140 | W610x140 W610x140 W610x140 W610x140
Column | W360x421 | W360x287 | W360x262 W360x%262 W360x216
Doubler None Detail Il Detail Il Detail 111 Box Detail |
Plate (DP) (Offset)
DP NA 15.9 mm 2@ 12.7 mm 2@ 19.1 mm 2@ 15.9 mm
thickness
Continuity None None Fillet-welded None None
Plate (CP)
CP NA NA 12.7 mm NA NA
thickness

2.2.4 Reynolds and Uang (2019)

Reynolds and Uang (2019) explored alternative weld details by conducting ten full-scale cyclic
tests on steel moment frame connections. The focus was on the design of continuity plates and
doubler plates for applications in special and intermediate moment frames. The test setup used in
this research aided in creating the test setup detailed in Chapter 4. Figure 2.9 shows one of the test
setups of an exterior beam-to-column moment connection. The column boundary conditions are
depicted using W-shaped hinges. The inflection points were assumed to be at the mid-height of
each story. The length of the beam is half the bay width with an inflection point at midspan. The
free end of the beam was used to load the specimen using a hydraulic actuator affixed to the beam
through a bolted loading corbel. Lateral bracing was also provided to restrain the out-of-plane
movement of the beam using two HSS sections (Reynolds and Uang 2019).
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Figure 2.9: Test setup of a one-sided beam-to-column connection (Reynolds and Uang 2022)

2.3 Panel Zone Shear Deformation

2.3.1 Krawinkler (1978)

This research investigated the effects of shear in a beam-to-column joint on the strength, stiffness,
and ductility of moment resisting frames under seismic loads. Figure 2.10 shows the panel zone of
an interior joint and its deformation under lateral loading. When exposed to lateral loading, the
panel zone experiences the maximum shearing stresses at its centre, gradually decreasing towards
the corners. When stress exceeds the elastic limit, yielding begins at the centre and spreads towards
the beam flanges. These series of actions are reflected in the load deformational behaviour of
joints, showing an initial elastic phase, followed by a gradual decrease in stiffness, then a
stabilization to a relatively constant stiffness over a wide range of deformation which is mostly
due to strain-hardening in the material. This transition is mainly caused by the fact that the
elements surrounding the panel zone also contribute to the resistance of the shear induced. Hence,
the post-yield strength and stiffness of joints depends heavily on the flexural stiffness of the
column flanges and the aspect ratio dv/dc, in addition to the stiffness of the beams and column
outside the panel zone, where d» and dc are the beam and column depths, respectively. It was seen
that with the increase in column flange thickness and the decrease in the aspect ratio, dv/dc, inelastic

deformations decreased.
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Figure 2.10: Column panel zone shear deformation (Krawinkler 1978)

Table 2.2 presents the properties of the test specimens used in Krawinkler’s paper. Figure 2.11
shows the results from the three specimens in Table 2.2, where the shear force and strain values

were normalized by the AISC (1973) plastic design strength, 1, and the corresponding yield strain,
Yy Based on Figure 2.11, the AISC (1973) equation for calculating maximum shear force in the

plastic range is conservative, since it predicts a much lower ultimate shear strength of the joints
than what is actually measured during the tests. The AISC (1973) equation is given by:

V, = 0.55F,cdct ey
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Table 2.2: Properties of test specimens (Krawinkler 1978)

. de | tew tef bt dp | Fyweb| Fyn c C Web | Horiz.
Specimen C C. . .
mm| mm /| mm | mm | mm | MPa | MPa | Yweb | Lya | Reinf. | Stiff.
A-2* 204 | 6.48 | 10.0 147 | 254 | 283 | 279 0.32 | 0.33 No Yes
B-2** 231 | 159 | 231 207 | 348 | 324 | 293 0.37 | 041 No No
B-3** 231 | 159 | 231 207 | 302 | 324 - 0.37 - No No

*Column is W200x35.9 section with flanges milled to simulate W360x101 prototype.

**Column is W200x100 section simulating W360x342 prototype.

where Fy e, is the yield strength of the column web, Fj q is the yield strength of the column

flange, C is the is the axial column load at the design level, and C,, is the yield axial load.

JOINT SHEAR V/Vy
®) @] @] = —
> o ® (@] o

o
(S

Figure 2.11:

—

AISC, 1.33x0.40Fy

(EQ.4)

A-2,@x133x040F
B-2,B8-3,ax1.33x040F,

AISC, 0.40F

A-2, @x040F,
B-2, B-3, Qx 0.40Fy

(EQ. 1)

B

|

JOINT DISTORTION

2

3

av

)AND 4

|
|
i
|
|
4

5

Shear force versus joint distortion (Krawinkler 1978).

16




Krawinkler (1978) suggests that the total angle of shear distortion is equal to four times the angle
of shear distortion at yielding, yy, since the ultimate shear force was attained when the joint
distortions were equal to or less than 4y,, as shown in Figure 2.11. It is assumed that strain
hardening stiffness is valid up to 4y,. The design model proposed consists of an elastic perfectly
plastic shear panel where K, represents the elastic stiffness. The panel zone is surrounded by rigid
boundaries with the corners considered as four springs that contribute to the post-elastic stiffness
of the joint K,,. This model was referred to as Krawinkler’s trilinear model. If all the joints are
designed for the maximum ultimate shear force calculated using the equation proposed by
Krawinkler, which was derived based on the previous assumptions, the maximum stiffness and
strength of the frames will be reached. The equation used for the ultimate shear strength is the

following:

3.45bcft§f>

Vv, =V (1+3K1")—05517 d.t <1+
u y K ' yererew dbdctcw

e

where V, = 0.55F,dt.,,, F is the yield strength of the column, d_ is the depth of the column,

t.w 1S the thickness of the column web, b is the width of the column flange, t. is the thickness

of the column flanges, and d,, is the depth of the beam.

Lastly, it was found that when reinforcement is present at the column web, larger distortions were
seen in the web rather than the doubler plates. Web stiffeners do not affect the post-elastic stiffness,

K, derived. Therefore, the ultimate shear strength of the joint with a doubler plate is:

3.45bcstZr\  F,
V, = 0.55F, dt 1+ ——— | +—=(d, —t; )t
u yctc cw( dbdctcw \/§( c cf) DP

where tpp is the thickness of the doubler plate.

2.3.2 Skiadopoulos et al. (2021)

The research by Skiadopoulos et al. (2021) builds on Krawinkler’s (1978) work. The main goal
was to develop a mechanics-based model for the design of beam-to-column panel zone connections
in steel moment-frames under seismic loads. Figure 2.12, and specifically 2.12c, shows the phases

of the trilinear mode, which consists of an elastic stiffness, K., dominated by shear stress extending
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up to the yield shear strength, V. The post-yield behaviour of the panel zone is defined by an
inelastic hardening region with post-yielding stiffness, K,,, extending to a shear strength, V,, which
occurs at 4y,. This strength includes the contributions from surrounding elements such as
continuity plates and column flanges (Krawinkler 1978). The continuum finite element (CFE)
simulations proved that assuming uniform shear yielding in the panel zone is only acceptable in
panel zones of stocky and shallow column sections, regardless of the level of inelastic shear strain,
since the column flanges’ contribution to shear yielding is significant in these sections (the area of
flanges outweighs that of the web). In contrast, this assumption is not valid for slender columns
(Skiadopoulos et al. 2021).

Figure 2.12a shows the kinking locations of the column flanges that contribute to the plastic
moment resistance. The third phase on the plot in Figure 2.12c accounts for the shear strength
stabilization, which is represented by a post-y,, slope that is expressed as a percentage of the elastic
stiffness (Skiadopoulos et al. 2021). The panel zone bending deformation shown in Figure 2.12b
was neglected in the Krawinkler (1978) model, whereas the proposed model by Skiadopulos, based
on the CFE analyses, considers both shear and bending deformations. This led to the proposition
of a new equation for predicting panel zone stiffness and shear strength, with the shear strength at
yield being the same as the Krawinkler’s (1978) model for panel zones dominated by shear
deformations, and an additional benefit of predicting strength when bending deformation is

significant. The following equation of the panel zone shear strength is given by:
Fy
Vy =—=a, (d. —tep)tpy

SRE]

where a,, = 0.9 and 1.0 for slender and stocky panel zones, respectively, and tp; = t., + tpp.
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Figure 2.12: Panel zone kinematics and mathematical model assumptions: (a) panel zone shear
deformation; (b) panel zone bending deformation; (c) Krawinkler trilinear model (Skiadopoulos
et al. 2021).

The effect of doubler plates and their influence on the proposed model were also outlined. Two
column sections were used for the CFE simulations: the first is a shallow and stocky (W360x592)
column section, shown in Figure 2.13a and the second is a deep (W610x195) section, as shown in
Figure 2.13b, both having a doubler plate on one side. The doubler plate used is thick, with
tpp > 40 mm, since it was determined by avoiding welding in the k-area of the column as
suggested by Lee et al. (2005). The doubler plates were only welded along their vertical edges. It
was concluded that the doubler plate to column web shear stress incompatibility is not a concern
for moment connections when they follow seismic provisions and detailing standards based on
2022 AISC Seismic Provisions for Structural Steel Buildings, AISC 341 (2022) and the American
Welding Society (AWS 2016), as it was recorded that after yielding of both the column web and
doubler plate, the relative difference in their shear stress demand is 10% or lower. The relative

difference in shear stress is calculated as follows:
(Tew — Top)/Top

where T, and Tpp are the average shear stresses in the column web and the doubler plate,

respectively.
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Figure 2.13: CJP and fillet weld details: (a) column W360x592; and (b) column W610x195
(Skiadopoulos et al. 2021).

The relative difference in average shear stresses between doubler plate and column web versus the
accumulated panel zone shear distortion plots for the specimens in Figure 2.13 are illustrated in
Figure 2.14. Stocky and shallow columns were observed to have a lower stress compatibility than
deep columns in the initial stages, but after panel zone yielding the relative difference in shear
stress decreased, as shown in Figure 2.14. Additionally, it was found that CJP welds provided a
higher shear stress compatibility compared to fillet welds, but this difference is mostly due to the

uncertainty of the welding material and the weld specifications used at that time.
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Figure 2.14: Relative difference in average shear stresses between doubler plate and column web
versus accumulated panel zone shear distortion: (a) column W610x195; and (b) column
W360x592 (Skiadopoulos et al. 2021)

24 Summary

The literature review presented in this chapter confirmed that narrower doubler plates have the
potential to be used in steel moment connections with wide flange columns, but further
investigation is required to ensure the viability of this option since it may lead to the reduction of
panel zone stiffness and strength. The result- “rom the experimental evaluation of other doubler
plate details, e.g., offset doubler plates, column flange fillet welded doubler plate, and extended
doubler plates, in building structures showed that they could be viable options in the design of pipe
rack moment connections to avoid complete joint penetration welds. However, such details often

lack design methods consistent with the Canadian practice.
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3 MODULE BEAM-TO-COLUMN CONNECTION DESIGN
3.1 General

To transfer the demands, including bending, axial force, and shear, from beams to the column in
pipe racks, welded or end-plate beam-to-column moment connections are typically used.
Figure 3.1 shows an example of a welded beam-to-column moment connection. Web doubler
plates are often used to strengthen the column web when its thickness is not sufficient to transfer
the beam moment through shear to the column, and in the case of a slender panel zone to reduce
its h/tew, where h is the web depth and tcw is the web thickness. Groove welds are typically used to
attach the web doubler plates to the column radius in the connection region, as shown in
Figure 3.1 (Section A-A). The detail and type of weld can vary from fabricator to fabricator
because of the challenges associated with the implementation of such welds in the k-region of the
column section and along the column web stiffeners. An example of such beam-to-column
connection details is shown in Figure 3.1 where a PJP weld is used to connect the doubler plate to
the column web due to the available welding position and the inherent difficulty with surface

preparation and inspection.

-

Column N | G-
PJP Groove V\

Weld 1 1
Section A—,\/
DP
A 1 A
ﬂ Beam ‘L
PJP Groove

Weld N 1

DP

Figure 3.1: Typical pipe rack beam-to-column welded connection detail
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3.2 Connection Design in accordance with Current Practice

The structural design of the pipe rack moment connection shown in Figure 3.2 is illustrated here.
Figure 3.2 presents a baseline welded moment connection representing the current practice, which
consists of a full-sized (or standard) doubler plate attached to the column web using PJP welds.
The design is performed in accordance with the provisions of the Canadian steel design standard,
CSA S16 (CSA 2024) and the American Institute of Steel Construction Specification for Structural
Steel Buildings, AISC 360 (2022). It should be noted that for ease of explanation, CSA S16
terminology and variables are used in the design steps below. The beam and column consist of
wide-flange sections conforming to 350W steel with the specified yield strength Fy = 350 MPa.
The same W250%73 was selected for the beam and column. Table 3.1 shows the cross-section
properties for the beam and column.

Figure 3.2: Welded beam-to-column moment connection of a pipe rack structure (LIMCON
2006)
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Table 3.1: Beam and column crosse section properties (subscripts b and ¢ are used in this

document to introduce cross-section properties of beams and columns, respectively)

Section  W250%73 x 113 x10° mm?*

b 254 mm ly 38.9x10° mm*
s 14.2 mm Zx 990 x10° mm?
d 254 mm Zy 464 x10° mmd
tw 8.64 mm Sx 895x10° mm?3
A 9290 mm? Sy 306x10° mm?
Ix 110.0 mm J 579x10® mm*
ry 64.5 mm Cw 556 x10° mm®

Various loading conditions were evaluated and the design under the most critical load case are

presented. The load case includes a strong-axis moment Mg, _,, a weak-axis moment Mg, _y,, a shear

force V;_y, and an axial force, N¢_y, applied at the face of the column, as shown in Figure 3.2. The

connection design forces due to the factored applied loads are presented in Table 3.2.
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Table 3.2: Design forces on connection components under applied loads

Connection Component Force or Moment

Beam strong-axis moment, Mg, _}, 160 kN-m
Beam weak-axis moment, Mg, _, 0 kN-m
Beam shear force, V;_y, 230 kN
Beam axial force, N¢_y, 250 kN
Column web axial force, C¢ 230 kN
Axial tension in the beam flanges, T;_y¢ 792 kN
Axial tension in the beam web, Tr_pw 0 kN
Axial compression in the beam flanges, Cr_y¢ 542 kN
Axial compression in the beam web, C¢_p., 0 kN
Beam web bending moment, M;_,,, 13 kN-m
Column web panel shear, Vi_ . 792 kN
Stiffener tension, T¢_g 395 kN
Stiffener compression, C¢_g 542 kN

The factored design forces are obtained as follows based on Figure 3.3. The axial tension force,

T¢_ps, in the beam flanges is:

Mgy Ni_ -
Tf—bf= fx—b + fb= 7921{N (3 l)

where d;, = 254 mm is the beam depth and ¢, = 14.2 mm is the beam flange thickness.
The axial tension force in the beam web, T;_y, IS:

Tf—bW = 0 (3-2)
The axial compression force in the beam flanges, C¢_yy, is:
(3-3)

Ne_
Ciopp = — P — 542 kN
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The beam web bending moment, M;_y,,,, is:

Sx- 3-4
Mf—bw = MfX—b X o b: = 13 kNm ( )
.
_ 2
where Sy_pw = w = 73 x 103 mm?3 is the beam web elastic section modulus, t;,, =

8.6 mm is the beam web thickness, and S,_;, = 895 x 103 mm?3 is the beam elastic section

modulus.
The column web panel shear, V;_.,, is:

Vf—CW = Tf—bf == 792 kN (3'5)
where the resulting axial tension in the beam flanges is transferred to the column through column

web panel shear.

Cf—top
L
Cror M.
—>
Vo Vip l Nty
> < 1 v
T of "

1

Cf-bot

Figure 3.3: Free-body diagram of the beam-to-column connection under bending moment and

axial force

The design steps for the connection presented in Figure 3.2 are as follows:
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Step 1) Design the beam flange fillet weld following S16 Clause 13.13.2.2:

Ve_fw = 0.67¢,,4,,X,(1.00 + 0.5 sin’> 9) (3-6)
Vr—fw = 1165 kN > Tf—bf = 792 kN

where V,_g,, is the beam flange factored weld resistance for direct shear and tension-induced shear,
A,, is the area of the fillet weld where 4,, = 0.707 X I, x D = 3531 mm?, [, = 499 mm is the
fillet weld length, 2b-tw, and D = 10 mm is the weld leg size, X;, = 490 MPa is the ultimate tensile
strength of the matching electrode, and 6 is the angle of the weld segment axis with respect to the

line of action of the applied force and is equal to 90°.
Step 2) Design the beam web fillet following S16 Clause 13.13.2.2:

Vicww = 0.67¢,A,,X,(1.00 + 0.5sin’® 9) (3-6)
V—ww = 1.56 kN/mm > 1.19 KN/mm

where 1.56 KN/mm is the weld strength, A,, = 0.707 x [,, X D, D = 10 mm, [, = 193 mm is the
fillet weld length, 6 is equal to 0", and 1.19 kN/mm is the resultant of the demands induced onto

the web weld due to the shear, axial, and moment applied as follows:

Vep _ 230x103

e Shear force/length of weld:
2Ly 2(193)

= 0.60 kKN/mm

3
e Axial force/length of weld: Z=2w = 229 — o kN/mm
2Ly 2(193)

4XMs_pyw _ 4(13x10%)
(dp-2tpr)”  (254-2(14.2))°

e Moment force/length of weld: = 1.03 kN/mm

e Resultant force/length of weld: \/(0 + 1.03)2 + (0.60)? = 1.19 KN/mm
where d;, = 254 mm is the beam’s depth and t,; = 14.2 mm is the beam flange thickness.

Step 3) Check the unstiffened column flange bending at beam tension flange under the applied
tension load in the flange following AISC 360, Section J10-1:

Tr—etp = 0.9 X 6.25F, t% (3-7)
Tr—cfb == 397 kN < Tf—bf = 792 kN
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where T._.q, IS the factored flange local bending strength, t. = 14.2 mm is the column flange

thickness, F, is the specified yield strength of the column, 350 MPa. Step 3) fails showing that a

stiffener is required at the beam tension flange.

Steps 4 & 5) Check the unstiffened column web yielding at both beam tension and compression
flanges under the applied tension load in the flange, following AISC 360 J10-2:

Tr—cwy = chtcw(Sk + 1) (3-8)
Tr—cwy =562 kN < T;_p,r = 792 kN

Tr—cwy = 562 kN > Cf—bf S 542 kN

where T._..y is the factored local web yielding strength, t., = 8.6 mm is the column web

thickness, k = 30.5 mm is the distance from the outside face of the column flange to the web toe
of the flange-to-web fillet, and [, is the bearing length I, = t,; + 2(10) = 34 mm. Step 4) fails

indicating the need for a stiffener at the beam tension flange.

Step 6) Check local web crippling under the applied compression load in the beam flange as per
AISC 360 Section J10-4:

Cr—we = 0.75 X 0.8t3,

l ¢ 1.5
143 <_b) (ﬂ)
dc tcf

CI‘—WC = 568 kN > Cf—bf == 542 kN

Qr (3-9)

where C,_,,. IS the factored column web crippling strength, E = 200 GPa is the modulus of
elasticity of steel, Q; is the chord-stress interaction parameter that is equal to 1 for wide flange

sections, and d. = 254 mm is the depth of the column.

Step 7) Check column web buckling following AISC 360, Section J10-8:

24t3,./EF,
— yc) Qs (3-10)

h
Cr—wb = 596 kN > Cf—bf S 542 kN

Comwp = 0.9 X (
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where C,_,,p, i the factored column web buckling strength and h is the clear distance between

flanges minus the fillets or corner radii for rolled shapes (h = d, — 2k = 193 mm).

Step 8) Check the unstiffened column web panel in shear, including the contributions from column
flanges, as per AISC 360 J10-11, J10-12 assuming inelastic panel zone deformation:

3 byt (3-11)
I 0.9 x 0-6chdctcw <1 + de (ZCf < 0.75Cy
V — c *cw
rmws 3 bestls 1.2aP.
L0.9 X 0.6F,cdotey [ 1+ —LL ) (1.9 - aCy > 0.75C,
db dc tcw Py

Vi_ws = 527 kN < Vi_gyy = 792 kN

where V}._,, is the factored shear strength of the column panel zone without a doubler plate, C; =
230 kN is the factored axial force of the column, and C, = 768 kN is the column axial yield
strength, which is equal to the column yield strength multiplied by the area of the column web,
b = 254 mm is the width of the column flange, d;, = 254 mm is the depth of the beam, d. =
254 mm is the depth of the column, t. = 14.2 mm is the thickness of the column flange, t.,, =
8.6 mm is the thickness of the column web, and a = 1.0. Step 8) fails, showing that a doubler

plate is required at the column web. A 10 mm doubler plate is designed on one side of the column
as follows:

3 bestly
db dc (tcw + tDP)
VI‘—PZ = 894‘ kN > Vf—CW = 792 kN

(3-12)

Vi—pz = 0.9 (1 + ) [0.6F,cd tey + 0.6F, ppLpptpp]

where V,._py is the factored shear strength of the column panel zone with a doubler plate, t,p =
10 mm is the DP thickness, F,, ,p = 300 MPa is the doubler plate yield strength, and Lpp =
201 mm is the length of the doubler plate.

Using S16, the factored shear strength of the column panel zone with a doubler plate (excluding

the effect of the flanges) can be computed as follows:

VI‘—PZ = 0'9[0'66Fy,DPLDPtDP + 066chdctw] (3'13)
VI‘—PZ = 812 kN > Vf—CW = 792 kN
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Due to the failure of the two checks in Steps 3) and 4), transverse stiffeners with a thickness of
19.05 mm and a yield stress of 300 MPa are added.

Step 9) Check the transverse stiffener yielding at the beam tension flange following S16 Clause
13.2:

Ty_sgr = 0.9AF (3-14)
Te_gyt = 1090 kN > Ty_¢ = Ty_pr — Tr_g, = 395 kN

where T,_g, is the stiffener’s factored yield strength at the beam tension flange,

Ag = 2(bge X tg) = 4039 mm? is the total cross-sectional area of stiffeners, bs, = 106 mm is the
effective width of the stiffeners, t; = 19.05 mm is the thickness of the stiffener, and
Fys = 300 MPa is the yield strength of the stiffener. T._g, = 397 kN calculated in Step 3) is the

flange local bending strength.

To ensure the fillet welds used to connect the stiffeners to the column web and flange are adequate
using Equation (3-6), the weld strength is taken to be the minimum between the base metal and

the weld metal.
End welds (welds connecting stiffeners to column flanges):

0.67¢,,4,,X,,(1.00 + 0.5sin5 §) = 793 kN

Vios = mm( 0676 A F. = 687 kN ) = 687 kN > T;_g = 395 kN

Where A,, = [, D, is the fillet weld effective area, [,, = 425 mm is the length of the fillet, and
D, = 8 mm is the size of the fillet weld. X,, = 490 MPa, 6 = 90°, F, = 450 MPa, and A4,, =

3399 mm? is the shear area of the effective fusion face.
Side welds (welds connecting stiffeners to column web):

0.67¢,,A,,X,(1.00 + 0.5sin'> 8) = 966 kN

Vg = mm( 0670 A F, — 1255 kN ) =966 kN > T;_ = 395 kN

where [, =776 mm, D; =8mm, X, =490MPa, 6 =0° F, =450MPa, and A4, =
6211 mm?.
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Step 10) Check the transverse stiffener yielding and buckling at the beam compression flange
following S16 Clauses 13.2 and 13.3.1.1:

Yielding: Tr—sye = Tr—cwy + 0.945f, s (3-15)
Tr_syc - 1652 kN > Cf—s - Cf—bf - 542 kN

Stability: - 0.94,F,s (3-16)
r—-sb — 1
(1 + A2n)n
Kl |Fy
=— |55 =052

Co_sp = 1124 kN > C;_g = 542 kN

where T;_gy. is the factored yield strength at beam compression flange, T;_wy = 562 kN is the

unstiffened column web yield strength obtained in Step 5), C._, is the transverse stiffener

buckling strength, A is a slenderness parameter, KTlS is the effective slenderness ratio, K = 1 is the

effective length factor, [, = 225 mm is the length of the stiffener, r = \/:1; = 5 mm is the radius

S

2bgt3

of gyration of the stiffener plate, I = = 1.4 x 10> mm?3 is its moment of inertia about its

weak axis, by = 122 mm is the width of the stiffener, and n = 1.34 is the residual stress factor

used for hot-rolled and hollow structural sections.

The critical limit state among the 10 checks performed here is the column web panel shear strength
with a utilization ratio of 97%. Figure 3.4 summarizes the dimensions and weld sizes of the plates

and stiffeners of the connection presented in Figure 3.2,
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Figure 3.4: W250%73 column to W250x73 beam welded moinent connection
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4 TEST SPECIMENS AND SETUP

A total of 12 full-scale moment-resisting frame joints were tested to examine the behaviour of steel
beam-to-column connections used in pipe rack structures with the focus on column web doubler
plates. Testing was conducted at the I.F. Morrison Structural Engineering Laboratory of the
University of Alberta. The test specimens and test setup, including test fixtures, loading and

instrumentation, and ancillary tests are presented in this chapter.

4.1 Proposed Detail

Due to the challenges associated with the conventional doubler plate detail shown in Figure 1.1c,
a new doubler plate attachment detail using fillet welds is proposed here (see Figure 1.1d). This
detail involves a doubler plate with reduced dimensions, named the reduced doubler plate as shown
schematically in Figure 1.1d. To study the behaviour of the reduced doubler plate, two different
reductions are used: 1) a doubler plate that is reduced by one D on all sides with respect to the
dimensions used in the current practice (Figure 1.1c), and 2) a doubler plate that is reduced by 2D
on all sides with respect to the dimensions used in the current practice (Figure 1.1c), where D is
the fillet weld size used to attach the doubler plate to the column web. The reduction is measured
in the horizontal direction, between the column web toe and the double plate edge, and the same
reduction is applied in the vertical direction above and below the doubler plate, between the
column web stiffener fillet weld and the double plate edge. It is expected that the new doubler
plate detail helps reduce costs and labour time associated with performing groove welds while
meeting strength requirements. Table 4.1 shows the proposed detail versus the regular and no
doubler plate cases.

4.2 Test Specimens

The test program includes 12 tests. The test specimens shown in Figure 4.1 represent an exterior
beam-to-column moment connection taken out of pipe rack structures, as shown in Figure 4.2. The
length of the beam was determined by ensuring the moment and shear combination at the face of
the column cause first shear yielding in the panel zone area, while meeting laboratory constraints.
Stiffeners are located in the beam web along the direction of loading and at the top of the column
to help resist the concentrated forces induced at these locations. Additionally, horizontal stiffeners
are added in the column panel zone on either side. The connections tested either consist of a
W250%58 beam and column or a W410x60 column connected to a W410x100 beam.
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Figure 4.1: Exterior beam-to-column moment connection specimen in the lab

Figure 4.2: Pipe rack structure with an exterior beam-to-column connection highlighted (WF
Steel and Crane 2021)
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The experimental program consists of six connection details that use a W250x58 section for both
the beam and column of the specimen (W250 specimens) and six connections that use a W410x100
beam with a W410x60 column (W410 specimens). Tables 4.1 and 4.2 give the details of each
W250 and W410 specimen, respectively. W250-NDP and W410-NDP specimens were designed
without column web doubler plate (NDP). W250-DP and W410-DP specimens consist of the
standard doubler plate case (DP), as shown in Figure 1.1c. In this detail, the doubler plate covers
the entire web on one side of the column and is welded to the column web using a partial joint
penetration groove weld. W250-RDP1 and W410-RDP1 specimens were designed with a reduced
doubler plate detail using fillet welds and consist of two identical specimens each (RDP1A and
RDP1B). W250-RDP2 and W410-RDP2 specimens consist of a further reduced doubler plate fillet
welded to the web. Two identical specimens were tested for each (RDP2A and RDP2B). Table 4.3
presents the measured member sizes and stiffener, or continuity plates (CP), details of each
specimen set. Table 4.4 outlines their measured cross-sectional dimensions, which were obtained
by measuring the dimensions of each specimen in the laboratory then averaging the values of each

component. For more information on the specimens, see Appendix D for the specimen drawings.
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Table 4.1: W250 specimen matrix

Specimen | Specimen | Doubler Plate Connection Detail
Number ID Dimensions
(mm)
1 W250- No doubler
NDP plate
2 W250- 184x8x207
DP
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Table 4.2: W250 Specimen matrix (cont.).

W250- 168x8x191
RDP1A
W250- 168x8x191
RDP1B
W250- 152x8x175
RDP2A
W250- 152x8x175
RDP2B
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Table 4.3: W410 specimen matrix

Specimen | Specimen | Doubler Connection Detail
Number ID Plate
Dimensions
(mm)
7 W410- | No doubler
NDP plate
8 W410- | 338x6x360
DP
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Table 4.4: W410 specimen matrix (cont.)

9 W410- | 326x6x348
RDP1A

10 WA410- | 326x6x348
RDP1B

11 W410- | 314x6x%336
RDP2A

12 W410- | 314x6%336
RDP2B
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Table 4.5: Measured sizes of members and stiffeners

Specimen Beam Column CP thickness (mm) | DP thickness (mm)

Group

W250 W250%58 W250%58 12.7 8.0

W410 W410x100 W410%60 19.1 6.0

Table 4.6: Measured cross-sectional dimensions

Member d (mm) t,, (mm) by (mm) tr (mm)
W250%58 251 8.3 204 13.7
W410%60 405 8.2 179 12.5
W410x100 413 10.2 259 16.6

4.3 Test Specimen Design

The doubler plate dimensions in Tables 4.1 and 4.2 are obtained by following the design steps
described in Chapter 3 for each connection assuming an applied shear at the tip of the beam
sufficient to fail the panel zone in shear before any limit states in the connection and members. For
the sake of specimen design and test setup, the resistance factors used in design are all set to 1.0.
Additionally, to ensure that the first mode of failure to occur is doubler plate yielding in shear, the
resulting shear from Step 7 was used to back calculate the required shear force that should be
reached to yield the column panel first. In all the connections, yielding of the doubler plate is the
governing limit state. The checks performed for all the specimens are summarized in Table 4.7,

following the same steps in Chapter 3.
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Table 4.7: Summary of test specimen design

Step 1) Beam flange-to-column flange weld
Step 2) Beam web-to-column flange weld
Step 3) Unstiffened column flange bending at beam

tension flange

Step 4) Unstiffened column web yielding at beam

tension flanges

Step 5) Unstiffened column web yielding at beam

compression flange

Step 6) Local web crippling

Step 7) Column web yielding/buckling

Step 8) Unstiffened column web panel in shear
Step 9) Transverse stiffener yielding at the beam

tension flange

Step 10) Transverse stiffener yielding and buckling at

the beam compression flange

4.4 Test Setup

The experimental test setup including specimen W250-RDP1 is shown in Figure 4.3. As shown,
the specimen consists of the beam-to-column moment connection with a column fixed at its base
and pinned at its top end. At the column base all degrees of freedom are fixed to avoid rotation,
vertical, and horizontal translations, whereas at the column top, rotation is allowed but vertical and
horizontal translations are restricted. At 1.2 m away from the column face an actuator is connected
to the bottom flange of the beam to apply the required loads (see Figure 4.3). The support allows
movement of the beam in Y-direction since loading will be applied along that direction.
Additionally, a lateral bracing system to prevent the beam from out-of-plane movement is added.

The rest of the specimens use the same test setup as W250-RDP1.
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Figure 4.3: W250-RDP1 specimen before testing

4.4.1 Column Boundary Conditions

A column base plate, 760x760x50.8 mm, is welded to the column base using a 12 mm fillet weld,
as shown in Figure 4.4. The location of the column on the base plate is controlled by the depth of
the column and length of the beam to ensure enough distance away from the actuator. The length
and width of the plate, as well as the hole diameter, were defined by the strong floor’s hole pattern.
As shown in Figures 4.5 and 4.6, four 2-inch diameter bolts were used to connect the plate to the
strong floor using 88.9 mm thick plate washers since the bolt length available in the lab was 8-
inch. The baseplate is designed to resist the maximum moment, shear, and axial forces induced
after yielding and strain-hardening of the doubler plate to ensure the base plate resists the expected
forces. The design demands were obtained using a numerical model created in the ABAQUS finite
element program (Simula 2023), as described in Chapter 7. In the finite element analysis, an

ultimate vertical displacement of 190 mm was applied to the beam tip to obtain force demands. As

Column

Beam

Lateral
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a result, a maximum of 537 kN axial force, 329 kN shear force, and 398 kN-m moment were

induced at the column base, including a 1.25 factor of safety.

(a) (b)

Figure 4.4: Elevation of test specimen W250-RDP1: (a) side view, (b) front view (all dimensions
are in mm)
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(@) Column base plate plan view

(b) Column base plate elevation

Figure 4.5: Column base plate: (a) plan view, (b) elevation
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Figure 4.6: Column base plate in the laboratory during assembly

The adapter plate shown in Figure 4.7, along with the W-shape spacer in Figures 4.8a and 4.8b,
are used to connect the column top to the strong wall. The photograph of the column top adapter
plate and spacer is shown in Figure 4.8c. Two identical adapter plates are fabricated, one is used
for the column top connection, whereas the next adapter plate is used for the lateral bracing system.
The adapter plate has a thickness of 50.8 mm (2-inch) with 22 threaded holes at a grid spacing of
6x3 inches. The threaded holes have a diameter of 1-inch, and the through holes have a diameter

of 2-inches to match the strong wall’s grid.

The spacer is a W360x147 section that is designed to resist the maximum tensile force (~330 kN)
induced at the column top without local yielding and crippling of the section, as well as prying and
bending of the flange. The column shear force is extracted from the model and translated to a
tensile force at the column top. The spacer has a different bolt hole spacing on either flange, as

shown in Figure 4.8a and 4.8b, to accommodate the edge spacing requirements on the side
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connected to the column flange of the specimen. The other flange has four 1-inch bolt holes with

the same hole pattern as the adapter plate.

(@)

(b)

Figure 4.7: (a) Adapter plate front view, (b) Adapter plate elevation
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(a) (b)

(©)

Figure 4.8: Column boundary condition: (a) Spacer W-section plan view, (b) Spacer W-section

elevation, (c¢) Column top boundary in the laboratory

4.4.2 Lateral Bracing System

To avoid lateral out-of-plane movement of the beam during loading, a lateral bracing system that
consists of a set of hollow structural sections (HSSs) is used, which involves two HSS
101.6x101.6x12.7 that are 914 mm (3 ft) long on the outside and another two HSS 76.2x76.2x6.4
on the inside that are 610 mm (2 ft) long, as shown in Figure 4.9a. The inner HSS move slightly
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outwards to accommodate the W410 specimens since the W410x100 beam has a wider flange, 259
mm, as opposed to the W250 specimens that have a 203 mm flange width. Figure 4.9b shows the
bracing system on the W250-RDP1 specimen. The HSS sections are connected using 1-inch rods,
with one rod running across the top and four shorter rods to accommodate the movement of the
HSS at two locations. The length of the rods is chosen according to the width of the HSS, the
thickness and number of both the nuts and washers, and a 38.1 mm (1.5-inch) extension on either
end of the HSS’s outer faces. Additionally, an extra 50.8 mm (2-inch) is left to ensure there’s room

to move the HSS between different specimens.

Local yielding, local buckling and flexural stiffness of the system are checked to ensure the brace
will carry the applied loads in the case of beam out-of-plane movement. The lateral load is

calculated using the following equation as per Section A-6-7 of AISC 360:

Mr Cd (4‘1)
o

Pbr:36kN

P,, = 0.02

where M, = M, = 746 kN is the required flexural strength of the beam within the unbraced

lengths adjacent to the point brace, C4 = 1, and h, = 414 mm is the distance between flange

centroids.

To greatly reduce any sources of friction in the bracing system, Acetal™ is used on both surfaces
of contact. Acetal is a mixture of Polytetrafluorethylene (PTFE), commonly referred to as
Teflon™, which has a very low coefficient of friction. Hence, a cylindrical Teflon piece is added
to the flanges of the beam and a thin sheet of Teflon is attached to the moving HSS at the point of
contact, as shown in Figure 4.9b. This creates a Teflon-on-Teflon action, which minimizes the
effect of friction. Both pieces of Teflon are also coated with a layer of grease.
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Column: Beam:
W250x58 W250x58
) HSS 76.2 x 76.2 x 6.4
1-inch

rods HSS 101.6 x 101.6 x 12.7

Adapter plate

Bracing beam

(@) Lateral bracing system front view

Column

Bracing

Beam
beam €a

(b) Lateral bracing system in the laboratory (Specimen W250-RDP1)

Figure 4.9: Lateral bracing system of W250-RDP1 specimen
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An adapter plate identical to the one used at the column top boundary condition is used as a fixture
for the lateral brace with the bolt holes aligned horizontally, as shown in Figure 4.9b. A 177.8 mm
(7 ft) long beam is attached to the adapter plate using four 1-inch bolts, at the third bolt column of
the adapter plate for the W250 specimens and the fifth bolt column for the W410 specimens, to
ensure the brace point on the beam is almost halfway between the face of the column and the
loading point in both W250 and WA410 specimens. Additionally, the bolts connecting the HSS to
the bracing beam are pretensioned to avoid any slip that might occur. To ensure that the bracing
beam stays level before and during the test, a support is added to its other end. The bracing beam
support is shown in Figure 4.10, and it consists of a pedestal, four 50.8 mm (2-inch) plates, and a

cylindrical beam support.

Figure 4.10: Lateral bracing system support beam

4.4.3 Loading

As discussed before, pipe racks are exposed to various loads inducing strong and weak axis
moments, axial forces, and shear forces at the face of the column. In order to simplify the test
setup, only shear and strong-axis moment are induced in the laboratory. The beam is loaded by
pulling downwards at a distance 1.2 m away from the face of the column (Figure 4.4) using a

200 mm (8-inch) stroke hydraulic actuator. The hydraulic actuator shown in Figure 4.11a is used
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to perform the test. The actuator is pinned on both ends and sits on a 44 mm (1.75-inch) thick plate
that is connected to the strong floor using four 2-inch threaded rods, as shown in Figure 4.11b. The
retracting capacity of this actuator is 889 kN in tension (pulling downward) but the maximum
allowable operating pump pressure is 21 MPa (3000 psi) which limits the actuator to a maximum
pulling capacity of about 530 kN. The maximum expected pull load during the experiments is
423 kN. This load is obtained from a finite element model of the specimens by applying a
downward displacement of 190 mm (7.5-inch) to all 12 specimens then choosing the ultimate post-

yield load that the connection experiences.

The test setup is designed to ensure at least 127 mm of stroke are allowed when the hydraulic
actuator is fully extended to the beam’s bottom flange, as shown in Figure 4.11a. This was the
determining factor when deciding where the beam should be connected to the column in the test
specimen. Five inches of downward displacement applied at the loading point are sufficient to
yield the doubler plate and observe post-yielding behaviour. The tests were performed in a
displacement control mode with a loading rate of 1 mm/minute for the first 50 mm of displacement
to ensure the elastic region and initiation of yielding are captured accurately, followed by a
2 mm/minute rate for the next 10 mm of displacement (i.e., strain hardening range), and a 5
mm/minute towards the end of the test. The loading rate was increased gradually to avoid spikes
in the data. The displacement applied induces a shear force and a moment at the face of the column,

which then creates shear in the doubler plate.
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Piston

Stroke

Actuator

(@) Hydraulic actuator in the test-setup (b) Hydraulic actuator

Figure 4.11: Loading system

4.5 Instrumentation

Instrumentation is designed and set-up to measure and record specimen response parameters
during the experiment. The data collected includes the strains, displacements, rotations, and forces
throughout each test. Figures 4.12 and 4.13 show the instrumentation mounted on W250-RDP1.
The same instrumentation setup is used for other specimens. A 1200 kN load cell is attached to the
end of the actuator to record the corresponding loads during the test. Additionally, a linear variable
differential transformer (LVDT) is mounted onto the actuator to measure the linear displacement
at the loading point. A combination of displacement transducers, strain gauge rosettes, clinometers,
and digital image correlation (DIC) system were used to measure both global and local

deformation and rotation responses. The two cable transducers are placed on the beam’s bottom
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flange, 100 mm and 1200 mm away from the column face. A strain gauge is placed on the column
web side of the panel zone, as shown in Figure 4.14a, whereas DIC is used on the doubler plate
side as shown in 4.14b. Both instruments were used on opposite sides of the column web/doubler

plate for certain specimens.

Clinometers

Cable
transducer

DIC speckles

DIC cameras

Load cell

LVDT

Figure 4.12: Side view of specimen W250-RDP1 with instrumentation mounted
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Clinometer

Load cell

Cable
transducer

LVDT

Figure 4.13: Front view of specimen W250-RDP1 with instrumentation mounted

54



DIC speckles

r Clinometer

(a) Strain gauge on the column web (b) DIC speckles on the doubler plate

Figure 4.14: Column web and doubler plate instrumentation for W250-RDP1

In all specimens, the force at the loading point is recorded using a load cell that is attached to the
actuator and the corresponding displacement is recorded using an LVDT, as shown in Figures 4.12
and 4.13. Additionally, one strain rosette is placed on the column web side in the centre of the
panel zone, as shown in Figure 4.14a. Strain rosettes measure strain in a local area over three
directions, 0°, 45°, & 90°. Strain at 0" is represented by e, strain at 45" is represented by ¢, and
that at 90" is represented by &, as shown in Figure 4.15. These strains are recorded during the test

using a data acquisition unit, then used to calculate &, €, and &, as:

£ = &4 (4-2)
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gy = & (4-3)

_ . Gt (4-4)
Exy =&~

where g, €,, and &, are the normal strains in the x-, y-, and xy- directions, respectively, and are

local rosette axes. g,, €, and g, are the strains measured in the strain rosette as shown in Figure
4.15.

Figure 4.15: Strain rosette (45 degrees) aligned with x-y axes (efunda 2024)

Shear strain, vy, is obtained by multiplying &, by 2, since &, obtained above is the local strain
measured and not the engineering shear strain, y,,. Knowing the normal and shear strains, the

normal stresses in the column panel zone are obtained by assuming a plane state of stress in the

elastic region using the following matrix:

v? v? T (4-5)

1—-v-— — 0
GX E v? v? Sx
y = —_— — — y
Tyy I+v)a-2v)| "1y 1=v v—1 0 Yay

1-2v
0 0
2

where o, is the stress in the x-direction, o, is the stress in the y-direction, t,, is the shear stress,

E is the modulus of electricity, and v is Poisson’s ratio taken as 0.3 for steel.
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von-Mises stress is then calculated using the following equation in the elastic range when
OyMm < Oys!

1 2 2 2105 4-6

Oyy = % [(ax —0y) +(0y) + (0)% + 6(1xy) ] (4-6)

where oy is the normal yield stress.

Beyond plate yielding, when oyy > oy, a state of pure shear stress is assumed, and strain

hardening is neglected. This assumption is based on the observation of very low stresses in both x

and y directions and von-Mises stress is set as:

Gym = V31 (4-7)

The DIC system is used on the other side of the column web in the connection area, as shown in
Figure 4.12, where the doubler plate is attached. Figure 4.14b shows a closeup view of the DIC
speckles on W250-RDP1. The mill scale is ground off the area where the DIC is located, and then
the area of interest is sprayed with three coats of white paint. After the paint is dry, black speckles
are sprayed or rolled onto the surface. A camera system that views the panel zone from two angles
IS set up, with a light that shines onto the panel zone for improved calibration. The cameras connect
to a computer with a software called Vic-3D9, which analyzes the area of interest using the images
taken during the test to obtain the strains at each point over the speckled area. The software traces
the movement of the speckles based on the images taken during the experiment, then converts the

movements into displacements which, in turn, are converted to strains.

Whitewash, which is a mixture of lime and water, is used to paint in the joint outside the panel
zone area, i.e., above and below the column stiffeners, on both sides. Additionally, the column
back flange and beam flanges are also painted. As steel deforms in the plastic range, the whitewash

flakes off indicating yielding of the material.

As shown in Figure 4.14b, a clinometer located at the back flange of the column is used to measure
the column rotation. Another clinometer is positioned at the beam’s top flange at the location of
loading, as shown in Figure 4.12, to measure the beam rotation. At that same location, a cable
transducer is added to measure the vertical deflection of the beam at the point of load application.

A second cable transducer (Figure 4.12) is located on the beam’s bottom flange 100 mm away
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from the column face. This cable transducer is meant to measure the vertical deflection of the
beam, at a second point, to ensure the rotation recorded from the beam’s clinometer is not

contaminated by any joint or column rotations.

4.6 Ancillary Tests

4.6.1 Mechanical Properties

To obtain the material properties of the column and doubler plates used in this experiment, tensile
coupon tests are performed. Three dog-bone specimens are cut out from each flat plate creating 9
dog-bones per each column profile and 3 dog-bones per each doubler plate size, as shown in Figure
4.16. In total, 24 coupon specimens were tested as shown in Figure 4.17a. Figure 4.17b shows the
specimens after the tensile tests. All plates used in the tests conformed to the sheet-type specimens
with 50 mm gauge lengths as per ASTM A370-23 (ASTM International 2023). To find the cross-
sectional area of each of the coupons, the widths and thicknesses of the reduced areas are measured

using calipers and recorded to obtain the stresses after conducting the tests.

(a) (b)

Figure 4.16: Location of tension coupons on: (a) flange sections, (b) web sections
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(@) Coupon specimens before testing (b) Coupon specimens after testing

Figure 4.17: Standard tension coupons

Mechanical properties are obtained based on the standard coupon test (ASTM International 2023).
The tension coupons are tested in a uniaxial load frame as shown in Figure 4.18, where a tensile
strain rate of 0.5 mm/min is exerted when the coupons are in the elastic region, which is then
increased gradually to 6 mm/min after taking the static yield stress measurements. An average
value of the static yield stress is obtained using three to four readings taken on the yield plateau.
The static ultimate stress is recorded at the approximate maximum stress for each coupon. To
obtain the modulus of elasticity, E, the stress strain curve is plotted and the slope in the elastic
region is calculated. The results for each of the plates, webs, flanges, and doubler plates, are shown
in Table 4.6. The values in the table are obtained by averaging the results of the yield stress,
ultimate stress, and modulus of elasticity from all the coupons corresponding to the same plate.
The engineering stress strain curves for one coupon from each wide flange profile are shown in
Figures 4.19 and 4.20 for W250x58 and W410x60 profiles, respectively. The remaining coupon

test results are presented in Appendix A.
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Figure 4.18: Uniaxial load frame used to perform standard coupon tests
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Figure 4.19: Engineering stress—strain curves of W250 coupons
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Figure 4.20: Engineering stress-strain curves of W410 coupons

Table 4.8: Mechanical properties of steel from tension coupon tests

Component Mean Measured Mean Measured Modulus of Elasticity,
Yield Stress, Fy-m Ultimate Stress, Fu-m E
(MPa) (MPa) (MPa)

W250x58 Flange 351 477 200,000
W250%x58 Web 378 479 200,000
8 mm DP 406 478 203,333
W410x60 Flange 369 483 201,167
W410x60 Web 391 479 198,750
6 mm DP 353 456 200,000

The results of the tension coupon tests show that the flange yield stresses were found to be
consistently lower than the web yield stresses in both profiles, with values rarely falling below the

minimum specified yield stress for CSA G40.21 350W steel. The ultimate stress, Fu-m, was found
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to be higher than the minimum specified value of 450 MPa, with averages of 478 MPa and 481
MPa for W250x58 and W410x60 profiles, respectively. The mean of all web and flange yield
strengths, Fy-m, is 364 MPa for the W250%58 section and 380 MPa for the W410x60 section, which
both are higher than the nominal value of 350 MPa.

The doubler plate coupon test results showed a much higher yield stress (406 and 353 MPa for 8-
mm and 6-mm thick plates) than the minimum specified yield stress for CSA G40.21 300W steel.
The ultimate stress, Fu-m, was also found to be higher than the minimum specified value of 450
MPa, as shown in Table 4.6.

4.6.2 Residual Stress Measurement

Residual stress measurements were performed for both column profiles, W250x58 and W410x60,
using the method of sectioning described by Ziemian (2010). This method determines the residual
stresses through the thickness of the specimen by marking up the ancillary section into strips. If
the specimen is cold sawed, which is the case here, the specimen piece used for the residual stress
measurements should be cut to a minimum length of three times the largest transverse dimension,
plus the gauge length, plus 50 mm to minimize the possibility of disturbing the residual stress
pattern that is in the central portion of the specimen. Thus, for the W-sections being tested with a
gauge length of 200 mm, the required lengths for a residual stress specimen are 904 and 1380 mm
for W250x58 and W410x60, respectively, which are both less than provided residual stress pieces,
1200 mm piece of W250x58 and 1500 mm piece of W410x60.

The first step of the sectioning method is to define the slices prior to cutting, as shown in Figure
4.21. The flanges and webs of the residual stress sections are defined into 20x300 mm strips. For
the W250x58 specimen, eight strips are taken from each flange and web, whereas for the W410x60
specimen, six strips are taken from each flange and sixteen strips are taken from the web. The
fillets, the juncture between the web and the flanges, are not included in the sectioning method
since the digital measuring device would not provide an accurate reading in that area. These areas
are known to possess a high tensile residual stress in the flanges, which helps estimate the residual

stresses in that area after calculating the rest of the stresses.
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(@) (b)

Figure 4.21: Cutting locations for residual stress measurements: (a) W250%58, (b) W410x60

The slices, before cutting, are scribed at mid-width all the way through, then punched slightly at
200 mm gauge length. Since the punch marks leave a shallow and wide diameter hole, a drill is
then used to create deeper holes with a 1.5875 mm (0.0625-inch) diameter drill bit. The punch
marks are used to guide the location for placing the handheld drill. Drilling is performed by
ensuring the drill is held perpendicular to the surface of the plates. Using a digital demec, with a
gauge length of 200 mm, the initial gauge length between the drilled holes is measured three times
to make sure the measurement is consistent and the largest difference between the three
measurements is within one or two dial indicator units. Before measuring the longitudinal
distances, the demec is zeroed on a reference bar, then the three readings are recorded to get a
mean value for each strip. According to the data recorded, the measurements taken by the demec

on the drilled holes gave repeatable values for each of the three measurements.

The marked-up W-sections are cold sawn into 20x300 mm strips as shown in Figure 4.22. After
cutting, one measurement of the longitudinal distance between the drilled holes is recorded using

the same demec. To calculate the value of residual strain in each strip, the change in gauge length
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after cutting is divided by the initial gauge length measurement on each side of the strip and the
mean value is taken to be the residual strain present in that strip, which negates the need to correct
for curvature in the strip caused by cutting. Additionally, the temperature during both the initial
and final measurements was recorded to be around 18 degrees Celsius, and therefore the effect of
temperature on the change in length is ignored. The residual strains obtained are converted to
stresses using the average modulus of elasticity corresponding to each case; 200 GPa for both
W250%58 and W410x60. The compressive and tensile forces are then obtained by multiplying the

residual stresses by the cross-sectional area measured prior to the ancillary test.

Figure 4.22: Sections for residual stress measurements after cold sawing

The same process is repeated for the 100 mm gauge length using a different digital demec.
However, the results from using the 100 mm gauge length were deemed unreliable since they
resulted in residual stress distribution pattern that does not align with the expected trend in a
W-section. Additionally, the summation of compressive and tensile forces was not equal to or

close to zero, meaning that equilibrium was not satisfied.

The residual stress distribution resulting from the measurements using the 200 mm gauge are
plotted in Figure 4.23 for W250%58 and in Figure 4.24 for W410x60. Compression is represented
by negative values and tension is shown as positive. For W250x58, the web experiences a
maximum of 142 MPa (0.38Fy-m) compressive residual stress at the middle and 80 MPa

(0.21Fy-m) tensile residual stress at the web-flange junction. The flanges experience compressive
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stresses at the tips with a maximum of 60 MPa (0.17Fy-m) and a maximum tensile residual stress
of 99 MPa (0.28Fy-m) towards the middle of the flange, at the web-flange junction. The change in
curvature of the residual stress curve in the flanges could be due to cold straightening of the steel
or measurement errors. In the W410x60 case (Figure 4.24), the web experiences a maximum
compressive residual stress of 258 MPa (0.66Fy-m) at the middle and a maximum tensile residual
stress of 172 MPa (0.44Fy-m) at the web-flange junction. The W410 flanges also exhibit a
maximum tensile residual stress of 172 MPa (0.47Fy-m). The compressive residual stresses in the

tips of the flanges were not as prominent, reaching only a maximum of 15 MPa (0.04Fy-m).

To obtain the estimated stresses in the fillet areas, it is assumed that the stress at web-flange
junction is the same in the web and flanges. This assumption helps calculate the tensile force in
this area, which is also used to obtain the residual forces in the cross-section attributed to inaccurate
widths of strips (e.g., 20 mm + 1 mm) after cold-sawing or an overestimation of the area at the
web-flange junction (fillets). The residual forces are found to be approximately 40 kN for both

sections.
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Figure 4.23: Residual stress distribution of W250x58: (a) W250 Flange 1, (b) W250 Flange 2,

(c) W250 Web
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Figure 4.24: Residual stress distribution of W410x60: (a) W410 Flange 1, (b) W410 Flange 2,
(c) W410 Web
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5 EXPERIMENTAL BEHAVIOUR AND PERFORMANCE

5.1 Introduction

The results of the twelve full-scale tests are presented in this chapter.

5.2 Normalized Force — Shear Strain Response

During the tests, a displacement is applied to the beam end, 1200 mm away from the column face
(Figure 4.4). Figures 5.1 and 5.2 show the normalized force — average shear strain response of
W250 and W410 specimens, respectively. Note that specimens W250-NDP and W410-NDP were
tested to study the behaviour of connections lacking the required doubler plate. The vertical axis
of these plots shows the ratio of the load applied at the beam end to the connection design force.
For each specimen, the applied load is obtained from the actuator load and the connection design
force is back calculated from Equation (3-11) when the column panel zone reaches its nominal
shear capacity in yielding, i.e., the expected limit state of the connection. The horizontal axis of
the plots in Figures 5.1 and 5.2 gives shear strain, which is the average shear strain in the column
panel zone (web or doubler plate) and obtained from the DIC system data. The strain data from
the DIC system are not contaminated by the elastic deformation of the column and beam.

— W250-NDP
......... W250-DP
----- W250-RDP1A
- - -W250-RDP1B
- = W250-RDP2A
— — W250-RDP2B

Applied Load / Design Force

0 0.02 0.04 0.06 0.08 0.1 0.12
Shear Strain

Figure 5.1: Normalized force — shear strain responses of W250 specimens
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Figure 5.2: Normalized force — shear strain responses of W410 specimens

As shown in Figures 5.1 and 5.2, panel zone yielding occurred at average shear strains of 0.007
and 0.009 for W250-NDP and W410-NDP, respectively. At 0.009 strain, W250-DP experienced
column web and doubler plate yielding, whereas W410-DP showed shear yielding at 0.011. The
drops associated with the force — rotation response of W410-DP in Figure 5.2 are due to the
malfunctioning of the hydraulic pump. To examine the behaviour of this specimen after the sudden

pressure drop, the pump was replaced, and the specimen was reloaded.

Referring to Figure 5.1, W250-RDP1A and W250-RDP1B experienced shear yielding in the
doubler plate and column web at a shear strain of 0.008. Panel zone yielding in W410-RDP1A and
W410-RDP1B occurred at 0.008 shear strain as well.

W250-RDP2A and W250-RDP2B experienced panel zone shear yielding at 0.008 shear strain,
whereas in W410-RDP2A and W410-RDP2B both the doubler plate and column web yielded at
0.009 shear strain. The force — rotation responses of the W410-RDP2A and W410-RDP2B drops
at 0.047 and 0.046 strain, respectively. This is due to weld rupture in the panel zone, which led to
the separation of the doubler plate from the column web degrading the load-carrying capacity of

the connection. No weld fracture was observed in W410-RDP1 (Figure 5.2).
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Figures 5.3 and 5.4 show column panel zone shear force versus the average shear strain. The
average shear strain in Figures 5.3 and 5.4 is obtained from the data measured by the DIC system
positioned on the column’s doubler plate side. The column panel zone shear force is divided by
the minimum value of all the limit states calculated in Section 3.2, i.e., panel zone shear yielding,
and is used as the vertical axis. For all the specimens, the deformation is minimal in the elastic
region with a maximum of ~0.01 strain. As the applied force increases, the deformation increases,
which leads to plastic deformation post-yielding. Beyond panel zone yielding, strain hardening in
shear is observed as the plastic deformation increases as shown in Figures 5.3 and 5.4. W410-NDP
experienced shear buckling that isn’t reflected in the shear force — shear strain response, but evident
in the shear strains shown later (Figure 5.18). In W410-DP, a small drop in the shear force — shear
strain response at 0.052 shear strain occurred indicating shear buckling followed by a plateau,
whereas in both specimens W410-RDP2A and W410-RDP2B a load degradation is recorded after
yielding due to the DP fillet weld fracture accompanied by shear buckling at 0.044 and 0.043 shear
strain, respectively. W410-RDP1A and W410-RDP1B experienced moderate shear buckling
beyond yielding, but this was not evident in the shear force — shear strain responses due to almost

negligible amplitude of buckling.
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Figure 5.3: Normalized shear force — shear strain response of the panel zone for W250 specimens
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Figure 5.4: Normalized shear force — shear strain response of the panel zone for W410 specimens

5.3 General Experimental Observation

Figures 5.5a and 5.5b show W250-NDP deformed-shape in the panel zone area and shear strain
contour on the column web at the end of the test (0.12 shear strain), respectively. The same set of
photographs are provided at the end of the test (0.12 shear strain) for W410-NDP in Figures 5.6a
and 5.6b, respectively. W250-NDP failed by yielding in the panel zone area (0.007 shear strain),
while the failure mode of W410-NDP involved column web yielding at 0.008 shear strain
accompanied by shear buckling of the column web in the panel zone at 0.06 shear strain, which

eventually resulted in bulging of the column web at the end of the test, as shown in Figure 5.6a.
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(@) (b)

Figure 5.5: W250-NDP at the end of the test at 0.12 shear strain: (a) Deformed shape, (b) DIC

shear strain contour (shear yielding y,, = 0.007 is shown by the boundary of purple and blue - red

represents maximum strain)

(@) (b)

Figure 5.6: W410-NDP (Column web Face 2 is shown) at the end of the test at 0.12 shear strain:
(a) Deformed shape, (b) DIC shear strain contour (shear yielding vy, = 0.008 is shown by the

boundary of purple and blue — red represents maximum strain)

Panel zone deformed shape and shear strain distribution of the doubler plate for W250-DP, with
standard doubler plate detail, at the end of the test (0.10 shear strain) are shown in Figures 5.7a
and 5.7b, respectively. The first failure mode observed in specimens W250-DP and W410-DP was
shear yielding in the panel zone area at 0.009 and 0.011 shear strain, respectively, while shear
yielding in W410-DP (see Figures 5.8a and 5.8b) was followed by shear buckling at 0.052 shear
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strain due to a more slender column web panel zone (h/tew= 46.3 vs. 26.9). Shear buckling in this
specimen was not captured by DIC, since unloading occurred while conducting this test due to the
pump pressure limit, but bulging in the panel zone area was recorded. Shear buckling was observed
after reloading .

(a) (b)

Figure 5.7: W250-DP at the end of the test at 0.10 shear strain: (a) Deformed shape, (b) DIC
shear strain contour (yielding y,, = 0.009 is shown by the boundary of purple and blue - red

represents maximum strain)

(a) (b)

Figure 5.8: W410-DP: (a) Deformed shape at the end of test at 0.12 shear strain, (b) DIC shear
strain contour prior to reloading of test (yielding y, = 0.011 is shown by the boundary of purple

and blue — red represents maximum strain)
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The specimens involving the proposed doubler plate detail are RDP1, where the doubler plate is
reduced by the weld leg size on all four sides or two times D in each direction, and RDP2, where
the doubler plate is reduced by two times the weld leg size on all sides or four times D in each
direction (D is the fillet weld leg size used to connect the double plate to the column web). Figures
5.9a and 5.9b show the deformed shape and strain contour of W250-RDP1 at the end of the test
(0.10 shear strain), respectively. Yielding in the panel zone occurred at 0.008 strain in W250-
RDP1A and W250-RDP1B (Figure 5.10).

Figures 5.11a and 5.11b show the deformed specimen and strain contour on the doubler plate for
W410-RDP1A at the end of the test (0.12 shear strain). Yielding in the panel zone occurred at 0.08
in W410-RDP1A and W410-RDP1B (Figures 5.12). Shear buckling of the column web and
doubler plate occurred at a shear strain of 0.044 in W410-RDP1A and 0.043 in W410-RDP1B,
which resulted in bulging in the panel zone at the end of the test.

(@) (b)

Figure 5.9: W250-RDP1A at the end of the test at 0.10 shear strain: (a) Deformed shape, (b) DIC
shear strain contour (yielding y,, = 0.008 is shown by the boundary of purple and blue — red

represents maximum strain)
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(a) (b)

Figure 5.10: W250-RDP1B at the end of the test at 0.10 shear strain: (a) Deformed shape, (b)
DIC shear strain contour (yielding y,, = 0.008 is shown by the boundary of purple and blue - red

represents maximum strain)

(a) (b)

Figure 5.11: W410-RDP1A at the end of the test at 0.12 shear strain: (a) Deformed shape, (b)

DIC shear strain contour (yielding y, = 0.008 is shown by the green areas — red represents

maximum strain)
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(@) (b)

Figure 5.12: W410-RDP1B at the end of the test at 0.12 shear strain: (a) Deformed shape, (b)
DIC shear strain contour (yielding y, = 0.008 is shown by the green areas — red represents

maximum strain)

Figures 5.13a and 5.13b show, respectively, the deformed panel zone and shear strain response of
the double plate for W250-RDP2A after testing. The same set of results are presented in Figure
5.14 for W250-RDP2B. Yielding in the panel zone in W250-RDP2A and W250-RDP2B occurred

at 0.008 shear strain.

76



(@) (b)

(©)

Figure 5.13: W250-RDP2A: (a) Deformed shape at the end of the test at 0.12 shear strain, (b)

DIC shear strain contour at the end of the test at 0.12 shear strain (yielding y,, = 0.008 is shown
by the boundary of purple and blue — red represents maximum strain), (c) DIC shear strain

contour at an average shear strain of 0.008
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(@) (b)

(©)

Figure 5.14: W250-RDP2B: (a) Deformed shape at the end of the test at test at 0.12 shear strain,
(b) DIC shear strain contour at the end of the test at 0.12 shear strain (yielding y,, = 0.008 is
shown by the boundary of purple and blue — red represents maximum strain), (c) DIC shear

strain contour at an average shear strain of 0.008

For W410-RDP2A and W410-RDP2B, the deformed panel zone and the shear distribution in the
panel zone are given in Figures 5.15a, 5.15b, 5.16a, and 5.16b. For these specimens, shear buckling
at approximately 0.040 strain accompanied by fracture in the doubler plate fillet weld. Fracture in

the weld finally led to a complete separation of the doubler plate along its two edges.
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(@) (b)

(©)

Figure 5.15: W410-RDP2A: (a) Deformed shape at the end of the test at shear strain 0.10, (b)

DIC shear strain contour at the end of the test at shear strain 0.10 (yielding y, = 0.009 is shown
by the boundary of cyan and green — red represents maximum strain), (c) DIC shear strain

contour at an average shear strain of 0.009
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(@) (b)

(©)

Figure 5.16: W410-RDP2B: (a) Deformed shape at the end of the test at shear strain 0.10, (b)

DIC shear strain contour at the end of the test at shear strain 0.10 (yielding y, = 0.009 is shown

by the dark blue areas — red represents maximum strain), (c) DIC shear strain contour at an

average shear strain of 0.009

Overall, inelastic shear buckling developed in all reduced W410 specimens, in both the doubler
plate and column web, after shear yielding and strain hardening, at shear strain exceeding

approximately 0.040 (see Figure 5.4).

For all the specimens, the beam and the column outside the PZ remained elastic and behaved as

expected in design, promoting panel zone yielding.
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5.4 Panel Zone Local Strain Response

Shear strains on both sides of the connection are measured using a strain gauge rosette (SG) on
one side and the DIC system on the opposite side and are given in Figures 5.17 to 5.24 for all the
specimens. The vertical axis represents local shear strain, which is the strain collected from the
rosettes or DIC system whereas the horizontal axis represents the panel zone average shear strain
measured by the DIC system. Note that the strain gauges malfunctioned beyond approximately
0.030 strain.

In W250-NDP, a strain gauge is placed on Face 1 and the DIC system on Face 2 (see Fig. 5.6) of
the panel zone. Shear strains on either side are consistent as shown in Figure 5.17. In W410-NDP,
DIC systems are used on both faces of the column web, in addition to a SG on Face 1. Figure 5.18
shows the point where shear strain diverged at y = 0.06 mm/mm which represents the onset of
shear buckling in the column web as described earlier. This divergence indicates that the localized
deformations that occur in the panel zone cause some areas to experience significant shear

deformation (> 0.12) following with bulging (out of plane deformation) of the column web.

0.14

0.12

0.1

0.08

Face 1 (SG)
......... Face 2 (DIC)

0.06

Local Shear Strain

0.04

0.02

0 0.02 0.04 006 0.08 0.1 0.12 0.14

Shear Strain

Figure 5.17: Local shear strain at the middle of the panel zone versus panel zone shear strain for
W250-NDP
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Figure 5.18: Local shear strain at the middle of the panel zone versus panel zone shear strain for
W410-NDP

For W250-DP, SG on the column web and DIC system on the doubler plate were used to collect
the strain data, which are shown in Figure 5.19. The results show that the strains on both sides of
the panel zone were almost the same in the elastic region but they start to diverge beyond yielding,

then pick up at about 0.03 shear strain.

For W410-DP, DIC system is used on the doubler plate side and a SG on the column web side.
Figure 5.20 show the strain results for this specimen. Due to the sudden unloading that occurred

while testing this specimen, the data from the DIC and strain gauge is not complete.

82



0.14

0.12

0.1

0.08

Column Web (SG)

06 Doubler Plate (DIC)

Local Shear Strain

0.04

0.02

0

0O 0.02 0.04 0.06 0.08 0.1 0.12 0.14
Shear Strain

Figure 5.19: Local shear strain at the middle of the panel zone versus panel zone shear strain for
W250-DP
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Figure 5.20: Local shear strain at the middle of the panel zone versus panel zone shear strain for
W410-DP
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The DIC system is used on the doubler plate side of W250-RDP1A and W250-RDP1B, whereas a
strain gauge is installed on the column web to record the deformation in that area. The strain results
for these specimens are shown in Figure 5.21. Similar observations as described for W250-DP
were made for W250-RDP1.

For W410-RDP1A and W410-RDP1B, DIC system is used on both sides of the panel zone and an
additional strain gauge is placed on the column web side. The local strain distribution on the DP
side diverges from the strain gauge data on the column web side at y = 0.044 for W410-RDP1A
and y = 0.043 for W410-RDP1B (Figure 5.22) when shear buckling starts to develop in the doubler
plate and column web. The strains on both sides of the panel zone were almost the same in the

elastic and post-yield regions prior to shear buckling.
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Figure 5.21: Local shear strain at the middle of the panel zone versus panel zone shear strain for

W250-RDP1
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Figure 5.22: Local shear strain at the middle of the panel zone versus panel zone shear strain for
W410-RDP1

For W250-RDP2A, a strain gauge and DIC system are installed on both sides of the specimen, the
doubler plate and the column web. As shown in Figure 5.23, the results from the DIC system
agreed with those of the strain gauge prior to yielding with a slight deviation in the post-yield
region. Similar strain response as W250-RDP2A, was observed for the identical specimen, W250-
RDP2B.

For W410-RDP2A and W410-RDP2B, the DIC system was installed on either side of the panel
zone and a strain gauge on the column web side. Due to shear buckling accompanied by weld
fracture, the doubler plate unzipped slowly away from the column web at around y = 0.05 where
the strain in the doubler plate became almost stagnant in W410-RDP2B and started to decrease in
W410-RDP2A (see Figure 5.24). The shear strains on both sides of W410-RDP2A were almost
the same in the elastic and post-yielding regions up until buckling whereas the strains in W410-
RDP2B diverged post-yielding.
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Figure 5.23: Local shear strain at the middle of the panel zone versus panel zone shear strain for
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In reduced doubler plate specimens, measured local strains in the doubler plate tend to lag those
recorded at the column web at a given shear strain for W410-DP, W410-RDP1A, W410-RDP1B,
W250-RDP2B, W410-RDP2A, and WA410-RDP2B as shown Figures 5.20 to 5.24. Other
researchers have observed a similar phenomenon (Bertero et al. 1973; Becker 1975; Skiadopoulos
et al. 2021; Reynolds and Uang, 2022). However, the opposite was observed for W250-DP,
W250RDP1A, W250-RDP1B, and W250-RDP2A (see Figures 5.19 and 5.21), which could be
attributed to strain gauge data. When analyzing the strain in the elastic region, it is inferred that

local strains on either side of the panel zone are nearly the same.

5.5 Discussion

5.5.1 Panel zone response and limit states

Table 5.1 lists the connection design load represented as a point load at the beam end Py,_p, the
applied load at the beam end in the experiment Py,_p, at yielding, the predicted shear capacity of
the panel zone V;,_,,, and the measured panel zone shear force at yielding V;,_, for the specimens.
Additionally, a summary of the average strain at yielding and at maximum force is outlined in the
table as well. Bilinear curves as shown in Figure 5.25 are used to obtain the measured panel zone
shear force at yielding. The bilinear curves for the rest of the specimens are included in Appendix
C. The bilinear curves are obtained by ensuring the elastic stiffness, the shear force at ultimate
shear strain (taken as 0.025 here), and the area under the original and bi-linearized curves are the
same. The test-to-predicted ratios are also presented in Table 5.1. The predicted shear capacity of
the panel zone V;,_,, is calculated using Equation (3-11) and the corresponding design load at the
beam end Py,,_, is back-calculated using the predicted shear capacity of the panel zone assuming
shear yielding in the doubler plate as the predominant limit state. Note that the predicted shear
capacity V,_, of the specimens with the reduced details is based on the new method introduced in

Chapter 6 (Equation 6-22).

Referring to Table 5.1, W410-NDP and W410-DP yielded slightly later than expected with test-
to-predicted ratios of 1.07 and 1.20, respectively. Residual stresses, which could delay the onset
of yielding, and uncertainties associated with doubler plate welds are the potential reasons for these
discrepancies. The applied load at the beam end for W250-DP, W410-RDP1, and W410-RDP2 is

almost the same as the predicted values with test-to-predicted ratios between 0.95 and 1.00,
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whereas W250-NDP and W250-RDP1 showed a test-to-predicted ratio that was lower by 9% and
6%, respectively.

Table 5.1: Design load versus applied load at the beam end, and predicted shear capacity of the

panel zone versus measured panel zone shear force at yielding

Specimen ID | Py,_pm | Pyp—n Test | Voim | Vpon Test Average | Average

&Ny | ) Predicted (kN) | (kN) Predicted strain at strain at

shear maximum
yielding force
(rad.) (rad.)
W250-NDP 97 107 0.91 487 | 537 0.91 0.007 0.110
W250-DP 176 176 1.00 880 | 887 0.99 0.009 0.088
W250-RDP1A | 149 161 0.93 748 | 809 0.92 0.008 0.091
W250-RDP1B | 153 161 0.95 766 | 809 0.95 0.008 0.095
W250-RDP2A | 143 150 0.95 715 | 756 0.94 0.008 0.096
W250-RDP2B | 143 150 0.95 715 | 756 0.94 0.008 0.101
W410-NDP 268 253 1.06 818 | 766 1.07 0.008 0.108
W410-DP 471 394 1.20 1437 | 1190 1.21 0.011 0.088
W410-RDP1A | 406 407 1.00 1240 | 1229 1.00 0.008 0.105
W410-RDP1B | 407 407 1.00 1241 | 1229 1.01 0.008 0.070
W410-RDP2A | 375 397 0.94 1144 | 1200 0.95 0.009 0.044
W410-RDP2B | 408 397 1.03 1245 | 1200 1.04 0.009 0.041
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Figure 5.25: Panel shear force versus panel shear strain for W250-NDP

5.5.2 Effect of column section size

The deeper column tested in this research has a web slenderness ratio of 2 =463 (where h is

tCW

the clear depth of the column web w is the column web thickness only), making the specimens

more susceptible to shear bucking. The threshold for web shear buckling based on CSA S16 is:

h kv (5'1)
— <439
tCW Fy—m

where k, =4 + % = 9.64 (shear buckling coefficient), %= 0.97 is the ratio of the distance

h

between the stiffeners to the web depth, and F,_p, is the measured yield strength. The slenderness

ratio limit for shear buckling is calculated as 68.9, which is higher than that of the W410x60
specimens tested here, reducing the potential for shear buckling before shear yielding as confirmed
by the test results.

5.5.3 Effect of doubler plate geometry (reduced vs. standard)
Referring to Figure 5.3 and Table 5.1, reducing the doubler plate size in W250 specimens,
decreased Py,_p, from 176 kN for W250-DP to an average of 151 kN for W250-RDP1A and

W250-RDP1B. Further reducing the doubler plate in W250 specimens, led to a decrease in
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Py,_m to an average of 143 kN for W250-RDP2A and W250-RDP2B. As shown in Table 5.1,
reducing the doubler plate size in W410 specimens, decreased Py,_p,, from 479 kN (W410-DP) to
406 kN (W410-RDP1A and W410-RDP1B) and further reducing the doubler plate diminished the
force to an average of 393 kN in W410-RDP2A and W410-RDP2B. The average Py,_p, Of
specimens A and B is used. These observations are in agreement with those reported by Shirsat
(2011), i.e., narrower doubler plate leads to a reduction in stiffness and strength of the connection.
Test results confirmed the potential for the application of reduced doubler plates with fillet welds
in design of pipe rack structures provided that a limit on the doubler plate reduction is set to avoid
significantly small doubler plates, which may promote shear buckling in the reduced areas. The
results also confirmed the contributions from column flanges in resisting the applied shear in the

connection (Krawinkler 1978).
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6 DESIGN RECOMMENDATIONS
This chapter presents a design method for the proposed reduced-size doubler plate detail. Two
working examples, including the one originally presented in Chapter 3 and the test specimen

W250-RDP1, are presented to demonstrate the proposed design method.

6.1 Design Method

6.1.1 Doubler plate interface weld

The first step of the design method includes a check to ensure the fillet weld used to connect the
doubler plate to the column web is sufficient to carry the weld interface load. Equilibrium is used
to calculate shear forces induced in the panel zone (PZ), column web and doubler plate. Figure 6.1
depicts the panel zone area of the beam-to-column connection, including the column panel zone
and a reduced doubler plate, by 2L in the horizontal direction and 2H: in the vertical direction.
Lor and Hor represent the doubler plate’s length and height, respectively, whereas Lrz = dc— 2tct
and Hez = db— 2tsr are the panel zone’s length and height. The doubler plate is assumed to be

centred in the panel zone.

Lpz
¥
Hy
HPZ HDP
Hy
“ L Lop Ly~

Figure 6.1: Panel zone layout and dimensions

When shear is induced in the panel zone area, the internal shear forces in each segment of the panel
zone plates can be calculated using the free-body diagrams outlined in Figure 6.2. The horizontal

shear demand of the panel zone, Vpzy 4 (Figure 6.3) is calculated as follows:

Vpzhq = max (|(VPZH,d)T| ) |(VPZH'd)B|) (6-1a)
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My My (6-11)
dp-r —tep-r  dp-L —trp-L
My_gr My_y, (6-1c)

% =— + ~ Vool
( PZH'd)B N A S

(VPZH,d ) T

where My _g and M,,_; are the moment in the right and left beams at the column face, dy,_g and
dy,_;, are the depths of the right and left beams, tq,_g and tg,_;, are the beam flange thicknesses,

Veol—T and V., —p are the column shear forces above and below the connection.

=
WE I
—
Vozig \2 \B _ Vs \2 v, Vs
Vs
—
Vpzv Vezv = Veau|| A | |Vezv Vezy Vezv Vezv Vezv = Veav|| A | [Vezv Vs Vs Vezy Vezv
-
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Vozria V, Vy V, Vs Vs V,
i F I
=

Figure 6.2: Panel zone and panel zone components free-body diagrams (force vectors are defined

in their respective equations)

VcoI-T

dp-L - tip-L My, Vezn Mp-R dpr- tipR

4_
Veol-B
Figure 6.3: Beam-to-column moment connection force diagram
Based on the force/moment equilibrium, the vertical shear in the panel zone, Vpzy, is calculated as

follows:

2H, + Hpp
Vozv = —)V
PZV (2L1 + LDP PZH,d
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The panel zone is first sectioned into three parts A, B, and C as shown in Figure 6.2. The vertical

shear force in A, B, and C equals Vpyy. In part C, the horizontal shear force, Vs, is calculated as:

Lpp (6-3)
Vs = (52—
3=\, +1,,) PP

Part C is further sectioned into three parts S, E, and F as shown in Figure 6.2. To satisfy the
force/moment equilibrium, the horizontal shear in parts E and F along S equals V5. Hence, the

vertical shear imposed on S, Vs, is calculated as follows:

Hpp Hpp ) (6-4)
Ve =[—)V, = ———— |V,
5 <LDP> 3 <2L1+LDP PzH,d

V, and V, from Figure 6.2 are horizontal and vertical shear forces, respectively, induced in the
unreinforced areas A, B, E, and F.

The dimensions of the doubler plate should be selected such that the force V5 does not cause failure

in the fillet weld connecting DP to the column web. The resistance of the fillet weld is calculated as:

Vi—w = 0.67¢,, Ay, Xy (6-5)
where X,, is the nominal strength of the weld metal and ¢, = 0.67 is the weld resistance factor,
A,, is the effective area of the weld, which is equal to 0.707DlI,,, where D and [, are the size and

length of the doubler plate fillet weld, respectively.

Since the doubler plate and the column web in S (Figure 6.1), are welded, it can be assumed that
their shear deformations are the same, which means they can be considered as two parallel shear
springs. Given that their contribution to the applied shear is proportional to their thickness, the

horizontal shear force acting on the doubler plate, Vppy, is calculated as follows:

tDP ) (6'6)
pPH (tDP | tcw °

where tpp and t.,, are the thicknesses of the doubler plate and column web, respectively. A
minimum plate thickness of 10 mm is recommended for the doubler plate to achieve a more

practical and economical design.
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The horizontal shear force acting on the doubler plate, Vppy, should be transferred from the column
web to the doubler plate through the fillet welds. Therefore, the horizontal welds are subjected to

Vppy. Combining Equations (6-3) and (6-6), Vppy = Vi—w:

tpp Lpp (6-7)
vew = () (22)
tw =\ 1) \L,,) P

To prevent weld fracture, V;_,, (Eqg. 6-7) is limited to the strength of the fillet weld (Eq. 6-5) as

follows:

View < 0.67(0.67X,)(0.707D1,,) (6-8)
If this criterion is not met, the dimensions of the reduced DP should be adjusted, or the designer
should opt for a different doubler plate detail. A typical weld size of 6 mm recommended to achieve
an practical and economical design provided that the required strength is obtained (see Eq. 6-8),
as this weld size can often be completed in a single pass. However, practices and preferences may
vary among steel fabricators. When selecting the fillet weld size, it is recommended to keep the
weld size 2 mm smaller than the doubler plate thickness to avoid melting the corners of the plate,
which may result in smaller weld than specified. It is important to note that this recommendation
was neglected in the specimens designed in this study to ensure weld fracture is delayed before

yielding and buckling of the column panel zone.

6.1.2 Doubler plate dimensions

The dimensions of the doubler plate should be chosen such that the shear deformation in the
unreinforced area is limited to avoid excessive shear deformation of the panel zone due to shear
yielding of the column web. The expected profiles of shear deformation along the height of the
panel zone for the two cases of with and without doubler plate are shown in Figure 6.4. As shown
in this diagram, in the case of the panel zone without a doubler plate, the shear deformation is
distributed uniformly along the depth of the panel zone with a shear strain of y,., Whereas in the
case of the panel zone with a doubler plate, the shear deformation is concentrated in the
unreinforced area of the panel zone and is not distributed uniformly along its depth. The shear

strain in the doubler plate and in the perimeter area are y, and y,, respectively.

94



A

H, i 7
,
N e O e ,,
: 7/
. : /s
—— With Reduced DP R
s
— iy
.‘z—'_m ---WODP . %
[«B) Vd .
I Hpp .
N (d
o /s
’
/s
/s
7’
N
’
/s
Yave 7/
H, Y ?z ................
v

Shear Deformation

Figure 6.4: Schematic distribution of shear deformation along the panel zone height for column

panel zone with reduced DP and without DP

According to Figure 6.4, in the case of the panel zone without a doubler plate, the total shear

deformation of the panel zone can be calculated as follows:

A = YaveHpz (6-9)
where v,y IS the critical shear strain for the case of the panel zone without a doubler plate.
Assuming uniform strain, y,ye, in the panel zone, Equation (6-9) can be rearranged as follows:

A (6-10)
Yave = m
For the panel zone with a reduced doubler plate, the unreinforced area of the panel zone should be
selected by limiting the total expected shear deformation of the panel zone in the unreinforced
area. The shear deformation, including the deformation of the DP plus the column web behind the

DP and the deformation of the unreinforced areas, is:

A= 2y,H; +y1Hpp (6-11)
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Replacing A in Equation (6-10) with the amplitude given in Equation (6-11) and assuming that the
average shear deformation in the panel zone remains below the deformation corresponding to shear
yielding, the following inequality can be obtained:

_ 2y,Hy +y1Hpp (6-12)
Yave = H = Yy,web
PZ

To avoid excessive shear deformation in the unreinforced area of the panel zone, which
experiences higher shear deformation than the interior reinforced area, the shear strain in the
unreinforced region, y,, is limited to 1.5y, b, @ conservative value adapted from the values
proposed in previous studies (Krawinkler 1978). Thus, Equation (6-12) can be rearranged to

determine a limit on doubler plate reduction, H;:

1 1 (6-13)
H, < 1.5 20( Hpy
2=%

where a =y, /y, is the ratio of the shear strain in the unreinforced panel zone area, v,, to the
shear strain in DP area, y,. Leveraging the experimental results presented in Figures 5.13c, 5.14c,
5.15c¢ and 5.16c¢ for both sets of specimens tested here, a can be set equal to 2.1 at 0.009 average
strain for the specimens tested here, which results in an unreinforced column web of H; <
0.18Hp;.

Once H, is checked against the limit, L, is obtained and checked as follows:

Ly < Hy — Dg + (k —tgf) (6-14)
where Dy is the stiffener-to-column web fillet weld size and k is the distance from outer face of

flange to the web toe of fillet.

To prevent shear buckling of the doubler plate, the thickness of the DP should satisfy the following

requirement:

S Lpp + Hpp (6-15)

This requirement has been adopted from AISC 341 (2022) for column web doubler plates.
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6.1.3 Shear resistance of panel zone

The concept of plastic analysis is used to compute the shear resistance of the PZ including the
reduced doubler plate assuming elastic—perfectly plastic material response for both column web
and DP materials and that shear strains in the web of the column and DP are almost the same at
yielding, which is confirmed by experimental testing (strain in the reduced area of the panel zone
is approximately 2.1 that of the reinforced area when average strain in the panel zone approaches
Yy,web)- Kinematic or virtual work method, which is a lower-bound method, is employed to satisfy
the collapse mechanism in plastic analysis of the panel zone in pure shear. The external work done

by the shear applied to the panel zone V}, is calculated as:

Wexe = ValA (6-16)

The internal work is calculated as:

Wint = Wintwen + Wineop (6-17)
in which Wiyt web and Wip, pp are the internal work in the web and DP, respectively. The internal

work in the web of the column is:

I/Vint,web = 0-66Fy,webdctch (6-18)
The internal work in the DP is set as follows:

an> A (6-19)

Wintpp = 0.66F, ppLpptpp (H_
Pz

By equating the internal and external works:
Wext = Wint (6-20)

and substituting internal and external works from Equations (6-16), (6-18), and (6-19) into

Equation (6-20), this equation can be rewritten as:

A (6-21)
VhA= 0.66F, ppLpptpp <H—) Hpp + 0.66F,, \,cpd teyA
PZ
Thus, the shear resistance of the PZ is obtained as:
Hpp 6-22
‘/n = 0'66Fy,DPLDPtDP (H_> + 0-66Fy,webdctcw ( )
PZ
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The factored shear resistance of the column panel zone with a reduced doubler plate, V., is given as:

V= oV, (6-23)
_ Hpp
Vr _— 0'9[0'66Fy,DPLDPtDP H_ + 0'66Fy,webdctcw]
PZ

where @ = 0.9 is the resistance factor for shear yielding based on CSA S16.

To account for the effect of the column axial force on the panel zone, the methodology proposed
by AISC 360 Section J10.6, may be used, but further research is required to verify the influence

of the column axial load on the capacity of the column web panel zone with reduced doubler plate:

For Cf < 0.4Cy,

Hpp 6-24
VI" = 0'9[0'66Fy,DPLDPtDP (H_PZ> + 0-66Fy,webdctcw] ( )
For Cr > 0.4C,,
% =09( 14— [0.66F,ppLoptpp (H—) + 0.66F, yepdcton]
y PZ

where Cr and C, are the column axial force and the yield axial force of the column, respectively.

6.2 Design Examples
6.2.1 W250x73 beam-to-W250x73 column connection

The example presented in Chapter 3 is redesigned here using the following steps:
Step 1) Calculate the horizontal shear demand of the panel zone, Vpzy 4, using Equation (6-1):

160 kNm

Vezua = 5255 —0.0142)m ~ 067 KN

Step 2) Assume values for the reductions of the DP in vertical and horizontal directions, as well
as the DP thickness and fillet weld size. Then, calculate the height and length of the doubler plate.

Hy =20 mm, L; = 20 mm, D = 12 mm, and tpp = 14 mm. The height and length of the PZ are
calculated as: Hpz = dy, — 2t;, = 254 —2 X 14 =226 mm and Lpz = d. — 2t.f = 254 —
2 X 14 = 226 mm. The doubler plate height and length are calculated as: Hpp = Hpy; — 2H, =
226 —2 % 20 = 186 mm, Lpp = Lpy — 2L; = 226 — 2 X 20 = 186 mm.
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(Regular DP dimensions from Chapter 3 are 203 mm x 201 mm)
Step 3) Verify H; < 0.18Hp, using Equation (6-13)
H; =20 mm < 0.18Hp; = 41 mm
Step 4) Verify L, < H; — Ds + (k — t.f) using Equation (6-14), assume Dy = 8 mm.
L, =20mm < H, — Dg + (k — t,f) = 30 mm
Step 5) Verify tpp = % using Equation (6-15).

. >LDp+HDP_186+186
bP="""99 - 90

= 4 mm

Step 6) Calculate the horizontal shear force acting on the doubler plate, Vppy, Which corresponds

to the fillet weld shear demand, V;_,,, using Equation (6-7)

Ve = ( 14 )(186> x 667 kN = 339 kN
f=w = \8.6 + 14/ \226 -

Step 7) Calculate the capacity of the fillet weld and check against its demand using Equation (6-8)
View = 0.67 X (0.67 X 490 MPa)(0.707 x 14 mm x 186 mm) = 346 kN
Veew < Veew
339 < 346 kN

Step 8) Calculate the nominal and factored shear resistances of the panel zone using Equations (6-
22) and (6-23), respectively.

186
Vh = 0.66 X 300 MPa X 186 mm X 14 mm X <ﬁ)

+ (0.66 x 350 MPa X 254 mm X 8.6 mm) = 930 kN

I = 0.9 x930 kN = 837 kN
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Step 9) If the factored shear force demand is less than or equal to the factored shear resistance,
Vpzna < V., the design is considered satisfactory. Otherwise, the dimensions of the DP should be

modified (Step 2). For this example,

Vpzna <V

667 < 837 kN

which confirms that the selected reduced doubler plate dimensions 186x186x14 mm with 12 mm
fillet weld can be used.

6.2.2 W250%58 beam-to-W250=58 column connection

Specimen W250-RDP1 (see Table 4.1) with 1xD reduction on each side of the doubler plate is
designed here based on the proposed design method under the applied panel zone shear of Vpzy 4
=530 kN. The shear strength of the column web is found as 452 kN. Therefore, the shear capacity
of the column web is insufficient, and a doubler plate is required to resist the applied load. The
axial force in column is assumed to be less than 0.4Cy. The measured yield stresses of 405 and 378
MPa are used for DP and column, respectively.

The design steps are summarized as follows:

1) Shear demand in the column panel zone, Vpzy 4 = 530 kN.

2) Assume values for the reductions of the DP in vertical and horizontal directions, as well as
the DP thickness and fillet weld size. Then, calculate the height and length of the doubler
plate. H; = 17 mm, L; = 29 mm, Hpy = 225mm, Lpy = 225mm, D = 8 mm, and tpp =
8 mm. The doubler plate dimensions are calculated as: Hpp = 191 mm, Lpp = 168 mm.

3) Verify H; < 0.18Hp;, H; = 17 mm < 0.18Hp; = 41 mm.

4) Verify L; =29 mm ~ H, — Dg + (k — t.;) = 28 mm (If this check fails, change H,; or
go back to Step 2 and change Lpp).

. Lpp+H Lpp+H
5) Verify tpp > %, tpp = 8 mm > % = 4 mm.

6) Compute shear demand on the fillet weld V;_,, = 198 kN.
7) Compute shear resistance of the fillet weld V;_,, = 209 kN, and verify V;_,, < V._, .

8) Compute nominal and factored shear resistance of PZ, 808 kN and 727 kN, respectively.
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9) Shear demand is less than shear resistance, Vpzyq <V, confirming the design is

satisfactory.
Thus, an 8 mm fillet weld with a reduced doubler plate 168 mm x191 mm x 8 mm is used.

The design of the rest of the specimens (Table 4.1 and 4.2) with reduced double plate, W250-
RDP2, W410-RDP1, and W410-RDP2, is shown in Table 6.1. The design indicates that a 152 mm
x 175 mm x 8 mm doubler plate with an 8 mm fillet weld can be used in W250-RDP2. It also
verifies the viability of the reduced doubler plate detail on both W410-RDP1 with a 326 mm x 6
mm x 348 mm doubler plate with a 6 mm fillet weld and W410-RDP2 with a 314 mm x 6 mm x
336 mm and a 6 mm fillet weld. For both W410-RDP1 and W410-RDP2 specimens, the measured

yield stresses of 353 and 391 MPa are used for DP and column, respectively.

Table 6.1: Summary of proposed design for test specimens with a reduced doubler plate

Steps W250-RDP2 W410-RDP1 W410-RDP2
1) Determine Vpzyq 530 kN 830 kN 830 kN
2) Select dimensions | PL 152x8x175 mm | PL 326x6x348 mm | PL 314x6x336 mm
D=8mm D=6 mm D=6 mm
3) Verify 25 <41 mm 16 < 68 mm 22 < 68 mm
H, < 0.18Hp,
4) Verify L, < H; — 37 = 36 mm 27 <28 mm 33 <33 mm
Dg + (k — tcr)
5) Verify tpp = 8 > 4 mm 6 ~ 7 mm 6 ~ 7 mm
Lpp+Hpp
90
6) Compute Ve_,, 179 kN 311 kN 299 kN
7) Compute V._,, 189 kN 305 kN 293 kN
and check Vi_y, < Vi_y 179 < 189 kN 311 = 305 kN 299 =~ 293 kN
8) Compute 756 kN 1230 kN 1200 kN
9) Compute V, and 680 kN 1107 kN 1080 kN
check Vpzpq < % 530 < 680 kN 830 < 1107 kN 830 < 1080 kN
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The proposed design method is validated by comparing the predicted shear strengths using
Equation (6-22) against the results from the specimens with a reduced doubler plate (W250-
RDP1A, W250-RDP1B, W250-RDP2A, W250-RDP2B, W410-RDP1A, W410-RDP1B, W410-
RDP2A, W410-RDP2B). The shear force versus shear strain responses of the test specimens were
idealized by bilinear curves as shown in Figure 6.5. To idealize the shear force — shear strain
curves, a shear strain of 0.025 is considered as a deformation limit beyond which the connection
would experience excessive shear deformation. The bilinear curves were derived so that the elastic
stiffness, the shear force at the shear strain of 0.025, and the area beneath the curve, for both the

actual and bilinear curves remain the same.
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Figure 6.5: Bilinear shear force — shear strain responses of specimens against predicted shear
resistance of the panel zone using proposed method: (a) W250 RDP1, (b) W250 RDP2, (c)
W410 RDP1, and (d) W410 RDP2

As shown in Figure 6.5, the proposed nominal shear strength agrees well with the yield resistance
obtained from the tests, which verifies the accuracy of the proposed design method. The moderate
deviations of the predicted resistances stem from bilinearization of the force-deformation
responses, uncertainties associated with material and geometric properties of the panel zone in the

experiment, and the assumption of uniform shear strain within the depth of the panel zone at yield.
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7 FINITE ELEMENT ANALYSIS

7.1 Introduction

This chapter presents the finite element modelling technique for the development of the numerical
model of the beam-to-column connection and numerical simulation results used to validate the
proposed design method in Chapter 6 for special loading cases, including combined biaxial

moments and axial force in the beam, and axial compression force in the column.

7.2 Numerical Model

The ABAQUS finite element program was used to develop the numerical model of the beam-to-
column connection including doubler plates. Figure 7.1a shows the finite element (FE) model of
the connection. The connection components, including the beam, column, doubler plate (DP), and
fillet welds connecting the DP to the column web, were explicitly modeled. Detailed views of the

FE model for the fillet weld and DP are presented in Figure 7.1-b.

The boundary conditions of the FE model were chosen to replicate those of the test specimens.
The top of the column was pinned in rotation (UR1, UR2, and UR3 # 0) and fixed in translation
(U1 =U2 = U3 =0), while the bottom end was fixed in all degrees-of-freedom. To prevent out-of-
plane deformation at the beam end, the displacement in the X-axis (see Figure 7.1a) was restrained
(U1 =0). Adisplacement in the Y-axis (see Figure 7.1a) was imposed at the tip of the beam. The
assigned boundary conditions are shown in Figure 7.1a. 8-node linear brick elements with reduced
integration and hourglass control (C3D8R) were used to construct the finite element model. Mesh
sizes of 2.5 mm and 4 mm were used for the fillet welds and the DP, respectively, while a 10 mm
and 15 mm mesh sizes were applied to the columns and beams, respectively. Three layers of
elements were used through the thickness of the column web and flanges. A larger mesh size of
15 mm was used for the beam. These mesh sizes were selected based on a mesh sensitivity analysis
to ensure a trade-off between accuracy and computational efficiency. To simulate the normal
contact behaviour between the DP and the column web, a hard contact interaction was defined to
prevent penetration between the two contact surfaces. For all welds, except for the DP-to-column

web weld (which is explicitly modeled), a surface-based tie constraint was employed.
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Figure 7.1: The details of the finite element model for W410-RDP1 (a) 3D view (b) DP view.

The residual stresses in the column cross-section were incorporated into the FE model following
the method proposed by Rosson (2018) as shown in Figure 7.2. The amplitude of tension and
compression residual stress, or, was set as 60 MPa for the W250 specimen and 150 MPa for the

W410 specimen.

+Gr

-Or -Or

e

ﬂ

+or
-Or -Or

Figure 7.2 The schematic distribution of residual stresses in column cross-section.

105



The material properties of the steel material were based on the standard coupon tests presented in
Section 4.6. The true stress—plastic strain relationships assigned to the elements of the DP, flange,
and web of the W250 and W410 beams and columns are shown in Figure 7.3a and 7.3b,
respectively.

(a) (b)
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Figure 7.3: True stress—plastic strain curves (a) W250 specimens and (b) W410 specimens.

7.3 Validation of the Finite Element Model

Figure 7.4 and Figure 7.5 compare force — displacement responses at the end of the beam obtained
from the tests with those calculated by finite element analysis (FEA) for the W250 and W410
specimens, respectively. As shown, the numerical results closely match the test data, confirming

the accuracy of the numerical model developed here.
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Figure 7.4: Comparison of the force-displacement responses from FEA and tests (a) W250-NDP,

(b) W250-DP, (c) W250-RD1, and (d) W250-RDP2.

Displacement (mm)

For W410-RDP2 specimens, the force — displacement responses predicted by FEA match with the
test data up until the onset of fillet weld fracture. Beyond the fracture point, the DP no longer
contributes to the shear capacity of the PZ, causing a sudden drop in force at the beam’s end. In
the FE model, fillet weld fracture was not explicitly modelled, as it occurs well beyond a shear
strain anticipated in design, e.g., > 0.025 mm/mm. This explains the divergence between the

predicted force — displacement curve and the test data beyond weld fracture.
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Figure 7.5 Comparison of the force-displacement curves from FEA and tests for (a) W410-NDP,
(b) W410-DP, (c) W410-RD1, and (d) W410-RDP2.

7.4 Evaluation of the Proposed Design Method
A numerical parametric study was conducted to evaluate the influence of various loading
scenarios, involving 1) combined axial force, weak-axis and strong-axis bending in the beam, 2)

axial force in the column, on the shear stress developed in the DP and the adequacy of the proposed
design method introduced in Chapter 6.
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7.4.1 Effect of combined axial force and bending in the beam
Steel pipe rack module moment connections are typically subjected to a combination of weak-axis

moment, strong-axis moment, and axial force arising in the beam framing into the column flange.
To evaluate the simultaneous effects of these actions, a typical steel pipe rack moment connection,
designed in Chapter 3, was analyzed in this section. As shown in Figure 7.6, this connection
consists of a W250x73 profile for both beam and column sections, conforming to CSA G40.21
350W steel (CSA, 2018). The detailed design of this connection is presented in Chapter 3.

The validated FE model described earlier was adjusted to assess the effects of different beam
loading cases on the shear response of the DP. The column length was reduced to 0.5 m, and both
the top and bottom ends of the column were constrained against translation and rotation degrees-
of-freedom to minimize the contribution of column deformation to the overall connection

response.

Figure 7.6: The prototype moment connection used for numerical response evaluation.

Four design load cases were considered to evaluate the effects of different combinations of strong-
axis moment (Mix-b), weak-axis moment (Ms-b), and axial force (Nt.b) in the beam. The details of

these loading cases are provided in Table 7.1. The maximum amplitudes of these loads were
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selected to achieve an axial force-moment interaction ratio of 0.65 in the beam. In Load Case 1,
the strong-axis moment is the dominant loading action, whereas in Load Cases 2 and 3, the weak-

axis moments are higher. In Load Case 4, the beam axial force is the primary loading action.

Table 7.1: Selected beam load cases.

Nt-b (KN) | Mix-b (KN.m) Mty-b (KN.m)
Load Case 1 | 100 150 50
Load Case 2 | 100 75 100
Load Case 3 | 100 25 135
Load Case 4 | 1000 75 25

The moments and axial force were gradually applied to the beam by exerting forces at its end in
the X, Y, and Z directions (see Figure 7.1a), and the resulting shear force in the DP was monitored.
The shear stress in the elements located at the center of the DP was extracted and averaged at each
time step, then multiplied by the product of thickness and length of the DP (torXLpbp) to compute

the resulting shear force in the DP.

Figure 7.7a to 7.7d present the shear force in the DP versus loading steps for Load Cases 1 to 4
(Table 7.1), respectively. In these figures, Mix-b + Msy-b + Nr-b represents the shear force in the DP
induced by the combination of three loading components. As shown, the contributions of the weak-
axis moment and axial force to the shear force in the DP are negligible, with the shear force
primarily induced by strong-axis bending in the beam. Although the load cases were designed to
keep the connection elastic, stress concentrations led to localized yielding in certain regions of the
DP.
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Figure 7.7: DP shear force response: (a-d) Load Cases 1 — 4.

Figure 7.8a to 7.8d illustrate the distribution of in-plane shear stress in the DP at the end of the
analyses for Load Cases 1 to 4 (Table 7.1). In Load Cases 1 and 4, where the strong-axis moment
exceeds the weak-axis moment, the shear stress distribution follows a similar pattern, with the
maximum shear stress occurring at the center of the DP. Conversely, in Load Cases 2 and 3, where
the weak-axis moment is greater than the strong-axis moment, the shear stress distribution follows
a different pattern, reaching its maximum and minimum values at the lower and upper parts of the

DP while remaining minimal at the center. As previously noted, the contribution of the beam axial
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force to the DP shear force is negligible, suggesting that the axial force does not significantly

influence the shear stress distribution in the DP.
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Figure 7.8 Distribution of in-plane shear stress at the end of the analysis in DP: (a—d) Load Cases
1-4 (stress values in MPa).

7.4.2 Effect of column axial force
The effect of column axial force on the behaviour of PZ is evaluated by varying axial force levels

in the column: 0.0, 0.4, and 0.6 FycAcol, Where Acol and Fyc are the cross-sectional area and
minimum specified yield stress of the column, respectively. To prevent out-of-plane buckling of
the column, out-of-plane deformation in the X-axis (see Figure 7.1a) was constrained. Although
this constraint prevents global out-of-plane buckling, it does not restrict shear buckling of the
column web. The axial force was first applied to the column along the Y-axis (see Figure 7.1a)
using a load-controlled analysis. Subsequently, a vertical displacement was imposed at the tip of

the beam along the Y-axis (see Figure 7.1a) using in a displacement-controlled mode.

Figure 7.9a, 7.10a, 7.11a, and 7.12a illustrate the shear force — shear strain responses of the PZ for

W250-RDP1, W250-RDP2, W410-RDP1, and W410-RDP2, respectively. For W250-RDP1 and
112



W250-RDP2, the influence of the column axial force in the linear phase of response is minimal.
However, the curves diverge in the nonlinear range, with the post-yield stiffness of the DP
decreasing as the axial force increases. For W410-RDP1 and W410-RDP2, the shear force — shear
strain responses exhibit higher discrepancies in both the linear and hardening phases under
different column axial forces. The stiffness in the linear phase gradually decreases as the column
axial force increases from 0.0 to 0.6 FycAcol due to the geometric nonlinearity effect (P-A), which
induces additional deflection in the Z-direction. For instance, in W410-RDP2, the deflection in the
Z-direction at the top of the panel zone (PZ) at a PZ shear strain of 0.025 is 8.61 mm for a column
axial force of 0.0 and 10.64 mm for 0.6. This confirms the influence of column axial force on the
lateral deformation of the column in the Z-direction and the resulting reduction in connection
flexural stiffness.

Figures 7.8b, 7.9b, 7.10b, and 7.11b present the average shear stress in the DP versus the average
shear strain of the PZ for specimens W250-RDP1, W250-RDP2, W410-RDP1, and W410-RDP2,
respectively. To calculate the average shear stress, the shear stress in the elements located at the
center of the DP was extracted and averaged at each time step. The average shear strain was
determined by measuring the relative displacement in the Z-direction at the top and bottom of the
PZ and dividing it by the height of the PZ. This average shear strain is the same as that presented
in Chapter 6. For W250-RDP1 and W250-RDP2, the shear stress — shear strain responses are not
affected noticeably by column axial force. The curves remain elastic and linear up to a shear strain
of 0.005, where yielding begins in the perimeter area. At a shear strain of 0.01, yielding initiates
in the DP and progresses such that at approximately 0.015 shear strain, the DP has fully yielded

reaching a stress value of 229 MPa.

The shear stresses in the DP of the W250 specimen under all column axial forces, as well as in the
W410 specimens under no axial force, do not decrease after yielding. This indicates that shear
buckling does not occur in the PZ for these cases up to a shear strain of 0.025. For W410-RDP1
and W410-RDP2, subjected to a column axial force of 0.6FycAcol, the shear stress — shear strain
curves reach their peak at shear strains of 0.01 and 0.013, respectively. Following shear yielding
in the DP, shear buckling of the column web took place, which resulted in a reduction in shear
stress in both specimens. When the column axial force was reduced to 0.4 FycAcol, Shear buckling
occurred at shear strains of 0.015 and 0.018 for W410-RDP1 and W410-RDP2, respectively.
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Figure 7.13a and 7.13b show the shear strain distribution in the PZ at the onset of shear buckling
for W410-RDP1 under column axial loads of 0.4 FycAcol and 0.6 FycAcol, respectively. Similarly,
Figure 7.13c and 7.13d present the shear strain distribution for W410-RDP2 under the same axial
loads. As shown, the shear strain follows a consistent pattern in both cases, with the maximum
values occurring in the perimeter area. Within the DP, shear strain is highest at the center and
decreases toward the edges. In both W410-RDP1 and W410-RDP2 specimens, increasing the
column axial force leads to earlier shear buckling. Additionally, greater DP reduction further

accelerates shear buckling.
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Figure 7.9: (a) PZ shear force versus PZ shear strain, and (b) DP shear stress versus PZ shear
strain for W250-RDP1 under column axial force.
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Figure 7.10 (a) Shear force versus shear strain of the PZ, and (b) shear stress in the DP versus the
PZ shear strain for the W250-RDP2 specimen under various column axial force.
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PZ shear strain for the W410-RDP1 specimen under various column axial force.
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Figure 7.12 (a) Shear force versus shear strain of the PZ, and (b) shear stress in the DP versus the
PZ shear strain for the W410-RDP2 specimen under various column axial force.

The shear force — shear strain responses were idealized as bilinear curves by setting the area under
the original and bilinear curves the same when a target shear strain of 0.025 is attained. The
resulting bilinear curves were also adjusted by multiplying them by the respective error obtained
as the test-to-predicted ratio at yielding, which are 1.09, 1.23, 1.07, and 1.07 for W250-RDP1,
W250-RDP2, W410-RDP1, and W410-RDP2, respectively. The bilinear shear force — shear strain
curves for W250-RDP1, W250-RDP2, W410-RDP1, and W410-RDP2 are shown in Figures 7.12a
to 7.12d, respectively.

The shear strength of the PZ was then calculated using Equations (6-23) and (6-24). No reduction
is needed for the case without axial force and that under 0.4FycAcol. However, for the case under a
column axial force of 0.6FycAcol, a reduction factor of 0.8 is computed using Equations (6-23) and
(6-24). These shear capacities are given on the bilinear shear force — shear strain curves associated
with W250-RDP1, W250-RDP2, W410-RDP1, and W410-RDP2 in Figures 7.12a to 7.12d,

respectively.
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Figure 7.13 Distribution of in-plane shear strain at the onset of shear buckling: (a) W410-RDP1,
Axial Force = 0.4 FycAcol (b) W410-RDP1, Axial Force = 0.6 FycAcol (C) W410-RDP2, Axial
Force = 0.4 FycAcol (d) W410-RDP2, Axial Force = 0.6 FycAcol.

As shown in Figure 7.12a, for W250-RDP1 under no axial force and an axial force of 0.4FycAcol,
the shear force at yield is 748 kN, which is 8% higher than the predicted PZ capacity using
Equation (6-23) 809 kN. The reason for this overestimation by the design equation is that the
original AISC 360 equation neglects the limited detrimental effect of column axial load on shear
capacity of the column PZ when the column axial force is below 40% of its squash load, 0.4FycAcol
here. Although this method may slightly over predict the shear strength of the panel zone, it is
deemed acceptable in the framework of design. For W250-RDP1 under an axial load of 0.6FycAcol,
the predicted shear strength using Equation (6-24) is found to be 647 kN, which is slightly (in the
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order of 10%) lower than the numerical simulation results, 713 kKN. A similar pattern is observed
for W250-RDP2, as shown in Figure 7.12b.

For W410-RDP1, the yielding shear forces for column axial forces of 0.0, 0.4, and 0.6 FycAcol are
1241 kN, 1200 kN, and 1120 kN, respectively, with corresponding calculated shear strengths of
1229 kN, 1229 kN, and 983 kN. Compared to the yielding shear forces, the calculated strengths
are 0.9% lower, 2.4% higher, and 12.2% lower, respectively. For W410-RDP2, the yielding shear
forces for the three column axial forces are 1117 kN, 1061 kN, and 1014 kN, with corresponding
calculated shear strengths of 1200 kN, 1200 kN, and 960 kN, respectively. The calculated shear
strengths are 7.4% higher, 13.1% higher, and 5.4% lower than the yielding shear forces. Similar
to W250 cases, the AISC 360 equation neglects the effect of column axial load on shear capacity
when the column axial force is below 0.4FycAcol, therefore the predicted shear strength of the PZ

for this column axial load is slightly unconservative, which is acceptable in the design framework.

Table 7.2 compares the actual yielding shear force and predicted shear strength calculated using
Eq 6-23 and Eq 6-24 for W250-RDP1, W250-RDP2, W410-RDP1, and W410-RDP2 under
various column axial forces. In this table, the error of the prediction, defined as the difference of
predicted shear strength and actual yielding shear force divided by the actual shear force, are also
presented. The results indicate that the predicted shear strengths in presence of column axial force
using Equations (6-23) and (6-24) are slightly unconservative (in the order of 6.1 % on average)
when the column axial force is below 0.4FycAcol, and relatively conservative (in the order of 9.4%
on average) when the column axial force reaches 0.6FycAcol. One can attribute the former to the
axial force cutoff proposed by AISC 360, below which the potential reduction in shear capacity of
the DP in the presence of axial force is neglected.
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Figure 7.14: ldealized PZ shear force — PZ shear strain responses and predicted shear strength
values using Equations (6-23) and (6-24) under column axial force: (a) W250-RDP1, (b) W250-
RDP2, (c) W410-RDP1, and (d) W410-RDP2.
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Table 7.2 Actual and predicted yielding shear forces.

Predicted shear

Specimens Column axial strength values Actual yielding | Error
force / (FyAcol) (kN) shear force (kN) | (%)

0.0 809 766 5.6

W250-RDP1 0.4 809 748.4 8.1
0.6 647.2 713.3 -9.3

0.0 756 715 5.7

W250-RDP2 0.4 756 702.7 7.6
0.6 604.8 676.7 -10.6

0.0 1229 1241 -1.0

W410-RDP1 0.4 1229 1200.2 2.4
0.6 983.2 1120.2 -12.2

0.0 1200 1117 7.4

W410-RDP2 0.4 1200 1061 13.1
0.6 960 1014.5 -5.4
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8 CONCLUSIONS AND RECOMMENDATIONS

8.1 Summary

Steel moment connections in pipe rack modules are designed to transfer bending moments, shear
forces, and axial forces, which produce a complex stress condition in the column web and often
result in an expensive detail that makes the connection fabrication a labor-intensive task in the
shop. The use of doubler plates and stiffeners is often required in such connections to improve
panel zone strength and stability. This research project aimed at 1) proposing a new doubler plate
detail for steel moment connections, 2) performing twelve full scale experimental tests, and 3)
proposing a design method to size column web doubler plates with the reduced configuration. To
investigate the effect of reducing the doubler plate and using fillet welds in pipe rack module
connections, a full-scale experimental test setup was developed. The experimental study consisted
of twelve moment connections, where each six specimens represented a different beam-to-column
W-section. Six used W250x58 beams and columns and the rest used W410x60 columns and
W410x100 beams. Instrumentation was used to collect data throughout the experiments. Residual
stress measurements and coupon tests were performed for the columns and doubler plates of the
specimens, then used in the numerical model to improve the accuracy of the results. A new design
method was developed to size doubler plate dimensions taking into account potential limit states
and limiting shear deformation in the panel zone beyond yielding. The test program designed to
verify this detail included beam-to-column connection subassemblies with column panel zone
involving the standard DP detail, reduced DP details and no doubler plate. Finally, a numerical
parametric study was performed to evaluate the influence of beam design loads and column axial
force on the response of the reduced DP and further validate the proposed design method for

special loading scenarios.

8.2 Conclusions

The main findings of this study are as follows:

e A new doubler plate detail is proposed by reducing the doubler plate size and using fillet
welds to attach the doubler plate to the column web in the panel zone area.

e When reducing the doubler plate size, the strength of the connection tends to reduce. This
reduction is more prominent in W250x58 columns, with 15% and 19% reduction for
standard doubler plate and further reduced doubler plate, respectively.
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The first mode of failure observed is shear yielding of the doubler plate and column web.
On average, shear yielding in the panel zone, including column web and doubler plate,
takes place at 0.007-0.011 shear strain.

Shear yielding was accompanied by shear buckling in the specimens with deep W410
column, with web slenderness ratio of 46.3, when reduced/further reduced doubler plate
and no doubler plate are used. Shear buckling occurred after significant shear yielding and
strain hardening at 0.04 — 0.06 shear strain.

A mechanics-based design method was developed in the framework of the Canadian steel
design standard to size reduced doubler plates in beam-to-column moment connections
under demands arising from monotonic loading. The method involves verifying doubler
plate interface weld resistance, shear resistance of the doubler plate, and a limit on the
depth of the reduced area of the panel zone to avoid excessive shear deformation.

The design method was demonstrated using two working examples, W250x73 beam-to-
W250%73 column connection and W250%58 beam-to-W250%58 column connection (i.e.,
Specimen W250-RDP1).

The design method is validated based on experimental data, which confirmed its sufficient
accuracy.

The results of numerical simulations showed that shear stress in the DP is primarily induced
by the strong-axis moment and respective shear transferred by the beam, with the effects
of beam axial force and weak-axis bending on the response of DP being negligible.

The proposed design equations to compute shear capacity of the column panel zone in the
presence of column axial force (adapted from AISC 360) can predict the shear strength of
the panel with sufficient accuracy.

8.3 Limitations and Recommendations

While this research provides a design method and a doubler plate detail that facilitates the

fabrication process of these connections, further research can be conducted on connections under

cyclic loads and under different doubler plate reduction details. A parametric study using finite

element modeling and the experimental results collected could also be conducted in order to apply

the new method over a variety of beam-to-column combinations. The limitations of the design

method include:

122



The design method should only be applied to a maximum doubler plate reduction of 2D on
all sides of the doubler plate, since the design method includes a threshold for H1 based on
the reductions tested in this research. The limit proposed to reduce the doubler plate should
be further validated for cases exceeding a 2D reduction.

The design method should only be applied in the case of monotonic loading (no seismic
application). The influence of cyclic loading should be evaluated in the future.

The reduction of the doubler plate dimensions leads to a lower lateral stiffness of the beam-
to-column connection, which in turn, can increase lateral deformation of the frame under
applied lateral loads. However, this increased deformation is deemed negligible given the
proposed reduction for the doubler plate. Future studies should investigate this aspect of
the frame design.

The design method proposed is for pipe rack beam-to-column moment connections but

could potentially be used in building applications with further research on deeper columns.
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Appendix A: Material Properties
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Figure A.1: Engineering stress-strain results for W250 specimens
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Figure A.2: Engineering stress-strain results for W410 specimens
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Residual Stress Measurements

Appendix B
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Residual stress measurements of W250x58 secti

Table B.1
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Residual stress measurements of W410x60 secti

Table B.2
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Appendix C: Bilinear Curves
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Figure C.1: Panel shear force versus panel shear strain for W250 specimens
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Figure C.2: Panel shear force versus panel shear strain for W410 specimens
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Appendix D: Specimen Drawings
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